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16416 PRESSUREMETER TESTS AT VERY SHALLOW DEPTH 
-EY WORDS: - Clays; Critical depth; Dee factor (soils); Field tests; . 
fodulus of deformation; Pavement design; Pavements; Pressure 


ABSTRACT: The shows considerable promise tool in 
design of pavements. The results of pressuremeter tests carried out at shallow depth 
can be influenced by the proximity of the ground surface. The influence is readily 
apparent in the case of limit pressure values, but little is known about the effect of — 
- on the pressuremeter modulus. However, the modulus is important for pavement 
design. A series of tests were run to resolve this dilemma. The pressuremeter modulus ~ 
| is hardly affected by the depth at which the testisrum, 
REFERENCE: Briaud, Jean-Louis (Asst. Prof., Civ. Engrg. Dept., Texas A & M ; 
Univ., College Station, Tex. 77843), and Shields, Donald H., “Pressuremeter Tests at : 
_ Very ‘Shallow Depth,” Journal of the Geotechnical Engineering Division, ASCE, Vol. 
107, No. GT8, ‘Proc. Paper 16416, August, ‘1981, pp. 


WORDS: Design: criteria; Objectives; Permeability; Qi Quality control; 

ABSTRACT: ‘The critical “design criteria ‘and ‘the resulting specifications for slurry 
trench diaphragm walls and cutoff walls are discussed. To establish diaphragm and 
cutoff slurry wall design criteria and specifications, the designer must clearly establish 
the objectives or end results that are to be obtained, and shape his adie 
accordingly. There are many portions or applications of slurry wall work where truly 
an end-result specification may be appropriate. However, the application of end- result 
specifications in the present practice is a long way off until the owners and — 
gain a more thorough understanding and aie of the technical and construction i § 


rocedures involved in slurr trench work. 


REFERENCE: Millet, A. (Principal, Woodward-Clyde Consultants, 

Embarcadero Center, San Francisco, Calif. 94111), and Perez, Jean-Yves, a 
USA Practices: Slurry Wall Specifications,” Journal of the Geotechnical Engineering — 
Division, ASCE, Vol. ‘107, No. Proc. Paper 16458, — 1981, pp. 1041- 1056 
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16464 DYNAMIC FEM MODEL OF OROVILLE DAM 
KEY WORDS: Acceleration; Bedrock; California; Dams (earth); Dynamic pur * 


models Earth dam performance; Earth dams; 


Seismic stability; Shear modu factors = | 
ABSTRACT: A dynamic finite element model was made of Oroville Dam. Oroville” 
Dam is a 229 m high earth dam located in the foothills on the western slope of the 
‘Sierra Nevada in California. During August and September of 1975 the immediate area — 
near the dam experienced seismic activity, with the main shock having a magnitude — 
5.7. Acceleration time histories were recorded on the crest and toe of the dam. The © 
bedrock accelerations recorded near the dam were input into the finite element model, 
1 and the computed crest accelerations compared to the observed crest accelerations. ~ 
favorable comparison gives validity to the finite element model chosen. __ Payer. 
_REFERENCE: Vrymoed, John (Assoc. Engr., , Div. of Safety Dams, Dept. of Water 
Resources, California), “‘Dynamic FEM Model of Oroville Dam,” Journal of the 4 3 
Geotechnical Engineering Division, ASCE, Vol. 107, No. GT8, Proc. Paper 16464, — 
August, 1981, pp. 1057-1077, 


@ 
@ 
= 
| 
7, 
| 


Settlement analysis; Shear modulus; Shear tests; 


dynamics; Soil mechanics; Soil stability; Strains; Time dependence 22 eve 


ABSTRACT: _ For most foundation loading situations, initial settlhements due to © 


-undrained shear deformations are small. The common practice of computing 
- consolidation settlements using the conventional 1-dimensional model therefore — 
generally yields total settlement estimates of sufficient accuracy for design purposes. 
Initial settlements can become a predominant design consideration with highly plastic 
or organic foundation soils, or both, however—especially when loaded to low stability 

_ factors of safety, as illustrated by three case histories. Moreover, with slow field rates 
of consolidation, the occurrence of large initial settkements may also be followed by 
excessive undrained creep deformations. A semi-empirical method is presented for 
peteiee the magnitude of initial settlement and the likelihood of excessive creep 
movements. Ways of reducing detrimental undrained shear deformations in design 


~ 


REFERENCE: Foott, Roger (Program Soils and Engrg., Domes and 
Moore, Burlington, Mass.), and Ladd, Charles C., “Undrained Settlement of Plastic 
and Organic Clays,” Journal of the Geotechnical Engineering Division, ASCE, Vol. 
107, No. GT8, Proc. Paper 16421, August, 1981, pp. 1079- 


16424 PILES SUBJECTED TO TORSION | 
KEY WORDS: Analytical techniques; Foundations; Pile loading tests; Pile ” 4 
load test instrumentation; Piles (foundations); Shear modulus; Soil in 


embedded in elastic soil that is either homogeneous or where the stiffness is 
proportional to depth. The solutions are extended to more general variations of soil 
stiffness with depth and to cover behavior after peak shaft adhesion between pile and 
soil. Full scale torsion load tests are studied, and an analogy is suggested between the 

sion loading and that of long compressible piles 


iG 


REFERENCE: Randolph, * (Univ. “Asst. Lect., Cambridge Univ., Cambridge, 
England CB2 IPE), “Piles Subjected to Torsion,” Journal of the "Geotechnical 
Engineering Division, ASCE, Vel. 107, No. GT8, Proc. pa am August, 1981, 
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_| ABSTRACT: The results are presented of an experimental ede on strip and circular 

: 1 footings on a two-layered soil. The values of the ultimate bearing capacity obtained by 

x the model tests are compared with those calculated according to the empirical method 

| published recently by Satyanarayana and Garg, 1980. The extensive comparisons 
_ between the observed ultimate bearing capacity values and those predicted by the 
method reveal discrepancies ranging from 70 to 85 percent. Thus, the method needs 
more refinement and further experimental, and possibly field verifications before it can 


REFERENCE: Adel M. (Asst. Prof. Univ., Dept. of Civ. 
1455 de Maisonneuve Blvd. West, Montreal, Quebec, Canada, H3G_ 1MB8), 
“Experimental Study on Footings in Layered Soil,’ * Journal of the Geotechnical 
Engineering ss ASCE, Vol. 107, No. GT! was, Proc. Paper 16447, August, 1981, 


ABSTRACT: Analytical solutions are presented for the torsional response of piles — 
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16474 DISPLACEMENTS DUE TO CYCLE WAVE LOADING 


Cyclic loads; Deformation; Dikes; Displacements; Finite element 
Ocean engineering; Offshore structures; Sands; Soil mechanics; Storms; 


important in the design of offshore structures. Experimental studies show 
that the permanent strains are influenced by the porosity, the intitial shear and 
effective normal stresses, and the amplitude of the cyclic shear stress, as well as by the >: 
number of cycles of loading. These effects are combined into a logarithmic relation. Efe 
_ The resulting equations have been incorporated into a finite element program that ae 
calculates permanent displacement without changes in net boundary loads or stresses. 

- The analyses are applied to a proposed offshore barrier to show the importance of the 
ways in which cyclic loads combine with monotonic loads due to tides to give 


ermanent displacements. 

REFERENCE: Marr, Alten, Jr. (Research Assoc., Massachusetts Inst. of Tech., 
_ Cambridge, Mass.), and Chrisitian, John T., “Permanent Displacements Due to Cyclic 7 
_ Wave Loading,” Journal of the Geotechnical Engineering Division, ASCE, Vol. 107, a 
GT8, Proc. 16474, August, 1981, PP. 1149 ‘We 
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PRESSUREMETER TESTS A AT Very SHALLOW DEPTH <7 


a Jean-Louis Briaud," A.M. ASCE” Yo 
Donald H. Shields,” M. 


‘This article investigates the of the proximity of the ground surface 
_ the results of pressuremeter tests. The study was part of a research program — 
on the possible use of a special pressuremeter for pavement design (Refs. 3, 
A pressuremeter test consists of placing a cylindrical expandable probe 
in a borehole and inflating the probe (Fig. 2). . A control unit on the ground - 
‘surface is used to generate the pressure necessary to inflate the probe. The © 
pressure against the wall of the borehole (p) and the expansion of the cavity 
(v) are recorded, and a p-v curve is plotted (Fig. 3). A modulus is obtained — 


from the slope of the curve (A to B on Fig. 3), and a limit pressure is feed 


Ina pressuremeter test carried out deep in the ‘ground, the soil ‘around the 
probe moves laterally, and plane: strain conditions (e, = 0) are closely approximat-- 
ed. In a shallow pressuremeter test the soil around the probe may move both 


surface). If this hypothesis is true, there must be 1 a depth, the critical depth, 
D., below which the surface has no significant influence on the soil deformation 
process. For tests above D. ‘ , the ground surface will deform as the probe expands, “ 
whereas for tests deeper than D., the deformation of the ground surface during ~ 
the probe expansion process must be very small or nonexistent. 
4 _ Theoretically the proximity of the ground surface has an influence on pres- _ 
parameters, or on any other soil parameter measured at depth; this 
_ is true because normally the at-rest stresses increase with depth. For example, - 
one would expect that since the at Test state of stress has an influence =. 
the modulus of deformation of a soil such as sand (7), the modulus will i increase — S 
with depth along with the increase in at-rest stress. A clear distinction, then, 
must be made between the variation of a parameter with depth due to increasing 


_ at rest or other stresses, and the variation due to the critical depth phenomenon. — 


‘Asst. Prof., Civ. Engrg. Dept., Texas A&M Univ., , College Station, Tex. 77843. yacgna 
2 Head, Civ. Engrg. Dept., Univ. of Manitoba, Winnipeg, Canada, R3T 2N2. 
Note. —Discussion open until January 1, 1982. To extend the closing date one , month, 

a written request must be filed with the Manager of Technical and Professional Publications Be 

: ASCE. Manuscript was submitted for review for possible publication on September 24, 

_ 1980. This paper is part of the Journal of the Geotechnical Division, _ Proceedings -i 
the American Society of Civil Engineers, ©ASCE, Vol. 107, No. GT8, August, 1981. 
ISSN 0093- 1023 / $01.00. 
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te make when reading a profile of test results. wes 
= The depth of influence of a wheel load is shallow, and if a P ouiiebiaunes y 
“were to be used for pavement design, the pressuremeter tests would have to 
be performed within that shallow depth (300 mm-2,000 mm or | ft-6 ft). Since ae 
_the deformation characteristics of the pavement structure were required, adetailed _ 
"study of the critical depth problem was obligatory, at least with respect to 

_ measured modulus values since limit pressures a are of little i interest t to the pavement 
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ae FIG. 1 Pressuremeter Test 1 in. 25. 4 1 20.885 


‘engineer. ‘There was concern that if the ‘critical depth, D., within 
7 the depth of testing, two different interpretation techniques would have to be 
7 used with the pressuremeter test results: (dd) One technique above D.; and @) 


Pressuremeter tests at various in. a lane, 2- m (6.6-ft) deep container 
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4). In the case of vertical piles, , D., for point 4 bearing and skin friction is about 
10 pile diam in loose sand and 20 pile diam in on seem in en 
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= 4 —fafeenee of Ground Surface on Some Geotechnical Probl 


for point is said to be 4 pile ‘diam, since beyond 4 diam ‘the bearing 
= factor, N., is taken as a constant equal to nine (10). In the case — 
of the horizontal capacity of a pile, the soil will develop | its full lateral resistance 


- pill diam in cohesionless soils (1). For str strutted excavations in clays, the —_ 
_ pressure on the ‘retaining structure becomes constant after a. certain critical 
& depth which is equal to about one quarter of the excavation yoo (11). Anchor — 


[. 
"4 
the orientation of the plate. 


ss Very ery little bes Powe published on the precise topic of ‘critical ‘depth: and 
pressuremeter testing for deformation moduli. A number of articles have been 


A published, however, on critical depth and limit pressure. Both Ménard (9) and 


Jezequel (8) acknowledge the existence of a critical depth in a limit pressure e 


sea a Jezequel does comment that in his opinion the pressuremeter modulus _ 


2m (6 ft) o~ in sand. From. the context of their wet these authors 
seem to be referring to the limit pressure when describing critical depth. 


Tests IN ‘Sano 


= Sand ont Sand Container. —The sand box t used for r press 
- m long, 1. 85 m wide, and 2.14 m deep (6 ft x 6 ft 


were rained into the container at a waivers controlled density throughout the > 
depth of the box. Tests were run with the sand at two relative densities: (i) 
Medium dense, with D, = (65%-70%; and (2) dense with D, = 90%- 95%. The + 


pressure exerted by the sand on the bottom of the box was in the order of 
+ 34 kPa (5 psi). The medium dense sand had an eff: ective angle of internal friction, 
’, of 37° as measured in consolidated drained triaxial tests; in the dense state, — 
’ was 41°. The triaxial tests were performed at sae te pressures of 34 
kPa, 135 kPa, and 269 kPa (5 psi, 20 psi, and 40 psi). 
ressuremeter. —A ‘commercially available, Model GA — 
pressuremeter was used. The Model GA is similar to the more widely available 
GC model (1) and was equipped with a BX probe which has an effective length | 
of 420 mm (16.5 in.) and an OD of 58 mm (2.28 in.). The probe was secured ¥ 
at the proper depth in the middle of the empty box, and then the sand was — 
rained around the probe up to the proper level; the resulting tests are referred 
to as the ‘buried probe’ tests. Two probes were placed in the box for each 
filling. They were located one above the other and spaced 900 mm (3 ft) apart. _ 
Burying two probes at one time had the advantage of reducing the number 
of times the box had to be filled and emptied by one-half as compared to 
7 single probe installations. This 900 mm spacing was chosen on the basis of | 
the following tests. A test at depth 600 mm was performed after a test at 
coe depth 600 mm + 900 mm had been performed (two probes in the box). After 
emptying and refilling the box with the sand at the same relative density, a 
test at depth 600 mm was performed (one probe in the box). The curves of 
the two tests at depth 600 mm were almost identical, and it was concluded | 
that the spacing of 900 mm (3 ft) was sufficient to prevent any influence of 
one test on the other. Furthermore Baguelin, et al. (p. 113 of Ref. 1) state 
that when the vertical spacing between two tests is 1.20 probe lengths, the 
zones of influence do not overlap significantly; the length of the probe used — 
The standard Menard pressuremeter test procedure (1) was followed precisely | 
for all and the Menard pressuremeter the net limit 


ave” 


| 
< 7 ft). The sand 
@ 
from the slope t small deformations (Fig. 3 and 


AUGUST 
f. The net limit pressure, pt. resistance of the soil; it 
neninnend from p, measured at large deformations on the pressuremeter curve, an 
minus the estimated at-rest total lateral pressure of the soil at the depth of 
the probe (Fig. 3 and Ref. 1). Nine tests were performed with the send in 
a dense state (D, = 90%-95%), and an E,, and a p* profile were obtained 
(Figs. 5 and 6). Eleven tests were performed with the sand in a medium oT 
state (D, = 65%-70%), and an E,, and a p? profile were \ obtained (Figs. 5 
and The lines in Figs. 5 5 and 6 will be referred to later. oft 
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FIG. 5.—Menard Pressuremeter Tests: “Modulus” Profile in in Sand (1 m = 3.281 ft; 


a _ For four of the tests in the medium Pda sand, pas movements were 
ps measured. Square aluminum plates (30 mm x 30 mm, 1.2 in. x 1.2 in.) were 

_ placed at 150 mm (5.9 in.) intervals across the box over the sand surface. 
' JA graduated pointer which travelled across the box on a graduated rail was 
lowered into contact with a mark made on each aluminum plate (Fig. 7). The 
: _ exact location of each plate was measured before the probe was inflated (zero 

_ reading) and at the maximum inflation of the probe (close to P,). The absolute © 
error on the measurements was 0.5 mm ©. 2 in.) and the surface contours at 


full inflation (p?) are shown on Fig. 8 
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FIG. 7.—Set uy up for Measuring Surface Movements 


— FIG. 6.—Menard Pressuremeter Tests: Limit Pressure Profile in Sand (1 m = 3.281 
a 
7 
a 
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_ Compared to the Menard GA pressuremeter, which is used mainly for foundation "a 

- studies, the pavement pressuremeter probe is shorter (effective probe length: — 
230 mm, 9 in.), smaller in diameter (32 mm, 1.26 in.), and monocellular. Single 
tubing, rather than coaxial tubing, is used, and the control unit is designed 
_ for strain controlled tests. For a few tests the pavement pressuremeter probe 


“ was placed in the ‘same manner as the Menard probe (buried probe). For most 
(MM 


tests, however, the p meter was simply | Griver into the 
= sand, and tests were pennant every 300 mm (1 ft) of depth, working from 
top to bottom of the box. Only a deformation modulus (E) can be measured 
_ with the pavement pressuremeter (4); profiles of E in medium dense and dense 
sand are shown on Fig. 9. Due to the difficulty of making the density of the — 
compact sand uniform close to the bottom of the sand box, some profiles show 
a large scatter of results between 1.8 m-2.1 m (6 ft-7 ft) depth (Fig. = 


‘Tests using Pavement Pressuremeter.—The pavement pressuremeter (Fig. 1) 
develoned ecnecially for the desion and evaluation of navements (3.45) 
1 600 300 | 300 600 = 600 


PRESSUREMETER TESTS 


Triaxial Tests. —In | an effort to > predict how the modulus of of 


a‘ pressures. Four consolidated drained triaxial tests with unload j reload cycles 
were run on samples of sand 100 mm (4 in.) in diameter, and 200 ‘mm (8 in.) 
u high, at a strain rate of 0.38 mm/min. The four samples were prepared using» a 
a miniature spreader which reproduced the same raining procedure as was used 
in the large sand box. The relative density of the dry sand, the cell pressure, — 
“and the type of tests are listed in the table of Fig. 10. Bote Wc: rary 


9590 


a CONPACT SAND (@ BURIED PROBE) 


FIG. 9.—Pavement =? Profile in Sand mm = 3.281 


ft; 1 kPa = 20.885 psf) 


For each cell pressure, three cycles were performed; each cycle consisted — 
of unloading the sample from one-third the ‘estimated maximum deviator stress x! 
‘to zero deviator stress and reloading (Fig. 11). The modulus, E,, is the secant : 
~ modulus from the start of the test to the first eatentind point (Fig. 11). Lidl 
‘modulus, Ex. 
a. Most triaxial tests were multistage tests (Fig. 11). The cell pressure was set 7 
at a first value, and a cyclic test performed; then the cell pressure was increased a 


“to a second value and another test was 
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DENSITY PRESSURE 


ONE STF 


104, 207 


FIG. 10.—Table of Parameters for es Triaxial Tests in ‘Sand (i kPa = | 


104 KPA 


. 
3 


: 


MODULUS 
CALCULATION 
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11.—Cyelic Triaxial Test (1 kPa = 20.885 psf) at 


250 | one stace | 65 | 
5 
t= 


for a “third value of the cell “pressure. _ Some tests were only one stage tests, 
a and only one cell p pressure was used. Fig. 12 shows the influence of the magnitude 
the cell pressure onthe moduli, E;andE,,, ay 
Analysis of Results—Critical Depth at Full Expansion of Probe.—The p * profiles @ 
i rom the Menard pressuremeter tests (Fig. 6) have two important characteristics: ab 
(1) One is that a break occurs in the profile; and (2) the second is that a +, 
- ‘Straight line extension of the profile goes through the origin. These two 
_ characteristics are more obvious in the case of the tests in the dense fl 
_ than in the medium dense sand. The break in the profile occurs around 1.2 _ 
oft) to oii vd ben wo od bivow ods 
ted) som blaow a: 


\ 
| 


G TEST 248 (@ MODULUS E,) 
ad, po. @ TEST 249 (@ MODULUS A al 


FIG. 12.—Triaxial Modulus Versus Cell Pressure in Sand = 20.885 psf) 


The surface movement measurements (Fig. 8) seem to indicate that when — 
the probe is below 0.9 m (3 ft) depth, even when the probe is fully inflated a 
the surface is not involved significantly in the deformation p process. These — 
observations, on the shape of the p* profile and on the surface movements, _ 4 
: lead to the conclusion that there is a critical depth (D_), at least at full expansion 
of the probe. For the Menard GA-BX probe in medium dense to dense sand, 
De is about 1.2 m (4 ft). In this case, the ratio of the critical depth (D.) to : 
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"Interestingly, this 1 ratio of 20 is the ratio of depth to pile diameter, | which is 
‘Said to be the critical depth ratio for pile design in dense sand(12). not 

yy Analysis of Results—Critical Depth at Partial Expansion of Probe.—The shape | 

“of the pressuremeter modulus profiles i is very similar to the shape of the triaxial 

: ~ moduli versus cell pressure curve (Fig. 12). In the case of the triaxial tests 
no critical depth phenomenon can be involved. There was some concern, however, _ 
that the triaxial modulus versus confining (cell) pressure curves were influenced 4 
by the method of testing. It was thought that possibly in multistage testing 

7? the sample would be either compacted o1 or loosened by the cycling of the first v4 


“measured during the last cell pressure increment (0, = = 207 kPa) of the multistage 


tests were within 10% of the modulus, E,,, at the same cell pressure in the 7 
According to Janbu (7), the deformation modulus of granular soils varies 
a pense, n, of the minor stress; applying law behavior 


A plot : of log , versus log a, is indeed a straight line (the slope, n, is 0.6 

for both medium dense and dense sand). Since it is reasonable to assume that | 

_ in the sand box the confining stress around the pressuremeter, o,, increases — 

q linearly \ with the depth, z, it seems reasonable to conclude that the ceed 


versus us depth can be 7 


The con eal pressures for the triaxial tests were 34 kPa, 104 kPa, and | 207 
kPa (5 psi, 15 psi, and 30 psi) (Fig. 12). ‘The vertical stress on the bottom 
of the box was in the order of 34 kPa (5 psi). | Therefore, the confining wes 


_ level in the box was lower than for the triaxial tests. _ However the inflation 
of the pressuremeter increases the radial stress and the pressuremeter modulus — 

- is measured over a stress range which is higher than the at-rest stress as indicated _ 
on Fig. 3. In the case of the pressuremeter tests, , the constant, k, has been 
determined at z = 0.9 m (3 ft) . The corresponding E,, and E versus z curves 
are plotted as dotted lines in Figs. . 5 and 9; the poccsucemneter modulus profiles 


well described by the curves, © 


depth effect on the modulus of deformation in this sand deposit i is snot apparent 


| 
a Site Conditions.—The natural deposit of clay is part of a clay plane of : 


overconsolidated marine deposit. A A brown desiccated extends to: a 
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| as being due to the increase in confining stress with depth (based on both ~ : 
} 
d 
— iil 
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natural water content of this sensitive clay is 35%, the plastic limit is 17%, 
and the liquid limit is 34%. The natural unit weight is 18 kN/m’ (115 pef), | 
and the clay is made up of 39% clay sizes, 50% silt sizes, and 11% sand sizes. 

_ The ground-water table was at the ground surface at the time of testing, =» 
A circular silo was built at the site. According to Gloetzl cells measurements, _ 

the circular raft foundation for the silo (Fig. 13) exerted an average bearing a 
pressure on the clay of 34 kPa (0.34 tsf) when the silo was empty. “Several 

) WEIGHT 


MAK, SILAGE 


fos 


Pan 
- tests including pressuremeter tests were run before the silo was 5 built and — a 
2 weeks after the silo \ was bi 
by the silo was s equivalent to 2 m of clay; ifa ‘critical depth existed, 
the before construction and after construction pressuremeter modulus profiles’ 
would show different critical depths, 
- Vane Tests.—In order to determine the uniformity of the clay with depth 
- vane shear tests were run 2 weeks before and 2 weeks after the silo = dq 
on The vane was 67 mm (2.65 in.) wide, 149 mm (5.87 in.) high (vertical 


7 


Society for Testing : and Materials (ASTM) D2574. Two holes were tested - 
the vane down to 3,000 mm (10 ft) depth; Hole H3 was tested before the _ 
silo was constructed, and Hole H4 was tested 2 weeks after construction. The 
- vane shear strength profiles are shown on Fig. 14. The sensitivity of the soil, 
as determined by the vane, averaged four between 0 mm and 2,000 mm (0 
ft and 6.7 ft) depth, and eight between 2,000 mm and 3,000 mm (6.7 7 ft and 7 
 Triaxial Tests.—In Hole H5 (Fig. 13), undisturbed samples of the clay were 
taken with 63 mm (2.5 in.) diam Shelby tubes at 1,000 mm (3. 3 ft) and 1, 800 
VANE, SHEAR STRENGTH 


a FIG. 14.—Vane Test Profiles: Clay Site = 3.281 = 20.885 


= (6 ft) depth. Hole 5 was drilled 2 weeks after the silo had been constructed. a 
The triaxial specimens | were 38 mm (I. 5 in. in.) in in diam and 76 0 mm n (3 i in. ) high; 


The procedure used for the triaxial tests was the same as that used for the 
tests on sand, except that drainage was prevented during the tests on the clay. © 
™ method for determining E, and E,, was” identical to the naman: used 


> | 

| 

| | 

on. 

if 


_ for the triaxial tests on sand. The clay moduli versus cell pressure (o;) peti a 


_ are shown on Fig. 15. The increase in undrained modulus with cell pressure 
could be due to the fact ‘that th the clay deposit i is overconsolidated or partially * 
saturated. aE as | bas 229! ai | oils 2 
n Pavement Pressuremeter Tests.—Two weeks before construction of the silo, 
_ two bore holes H1 and H2 were tested with the pavement pressuremeter (Fig. 
= The holes were bored with a 32-mm (1.26-in.) hand auger down to 2, 100 
. mm (7 ft); the pressuremeter was inserted in each hole to 2,100 mm (7 ft), 
and then pushed to 3,000 mm (10 ft). Tests were done at 300 mm (1 ft) intervals 7 
_ from the bottom of the hole up. The “resulting profiles of moduli are shown — 
CYCLIC TRIAXIAL MODULUS 
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FG Modulus Versus Cell Pressure in Clay a 1 20.885 psf) 
Sleeves were | installed in n the formwork before the concrete ‘foundation slab 
y of the silo was poured in order to allow tests to be carried out through -¢ 
= slab after the silo had been built. om es ga bevom ovat blugw 
Two weeks after construction, while the silo was still empty, one hole (H7) 
‘was tested with the pavement pressuremeter. Hole H7 was prepared and tested 
in the e same way as Holes H1 and H2. The modulus profile is shown on Fig. 
Analysis of Results.—As can be seen from ike. profile (Fig. 14), the 
deposit is stronger in the dessicated crust from 0 m- -2 m depth than it is from = 


| 
7 
i 
a 
| 


“ca 
2m3m depth. From 0 m- m, vane shear 70 
kPa, and the undrained laboratory shear strength, as estimated from the two _ 
multistage triaxial tests (Tests No. 255 and 256), averaged 100 kPa. From 2 
_m-3 m, the field vane shear strength is less and averages 35 kPa. The pavement © 
_ pressuremeter modulus profiles (Fig. 16) show the same overall strong-soft 
_ The pressuremeter modulus profiles, before the concrete slab was poured 
(Holes H1 and H2, Fig. 13), show a slight increase in modulus with increase — 
in depth from 0 m-2 m, but there is no clear break in the curves. Pressuremeter | 
PRESSUREMETER MODULUS 
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FIG. 16. —Pavement Pressuremeter Tests: Modulus Profile in Clay (1 m = 3.281 ft 
‘tests. through the raft foundation of the silo were carried out in Hole H7 at 
the same levels as were the tests in HI! and H2. If there had been a critical 7 
— Gepth, it would have moved up : as the slab | was built, since > the slab and the a 
silo applied a 
2 m of clay. Comparison of the E profiles “of Hl and H2 with the profile 
of H7 (Fig. 16) shows no obvious difference. It can be concluded, therefore, 
that there is no clear evidence of a critical depth in the pavement pressuremeter — 
~ modulus profiles—at least to the equivalent depth of 5 m which was investigated. — 


- The slight increase in modulus values —s depth may be due to the increase 


PRESSUREMETER TESTS 


ine confining stress around the pressuremeter with depth. This i increase in modulus _ 


a. 4 The r Tes sults of 66 presuremeter tests in Py artificially deposited ‘sand, and 
‘the results of the 38 pressuremeter tests in a natural clay deposit, seem to 
_ indicate that the proximity of the ground surface has no significant influence il 
on the small strain deformation of the soil around the pressuremeter probe. = 
7% A corrollary to this first conclusion is that cylindrical expansion of the borehole | 
- is as valid an assumption at shallow depth as it is at large: depth, and that 
—— the same mathematical technique c can be used to ‘obtain E from a shallow test a 
e practical significance of this conclusion is is that the pressuremeter can 
be used for measuring soil moduli at very shallow depth. This is extremely 
_ important for the proposed method of pressuremeter based design and evaluation _ 
of rigid and flexible pavements including the "design ‘of pavement 
control, the control of foundation beds, and soon. 
2. During the study described in this paper, the pressuremeter moduli were — 
“3 found to vary with depth; this phenomenon was attributed to such factors as 
an increase in the at- fest stresses with depth (sand tests and variations in - 
soil strength (clay tests). The variation in pressuremeter moduli was seemingly 
3. ‘The results of 20 Menard GA pressuremeter tests aia indicate that 
there is a critical depth as far as limit pressure is concerned. In both i compact : 
and dense sand, this critical depthis about 1.2m(4ft) 
_ 4, The fact that there is no critical depth influencing deformation moduli - 
using the pressuremeter, whereas there is a critical al depth affecting 


Pp?» shows that the phenomenon of critical depth depends on on the “magnitude 
_ of the volume changes in the ground. This may mean that there may be no 
critical depth influence on pile capacity at working load (small deformation)—at “a 
least for cast-in-place (prebored) piles. The critical ical depth phenomenon may inal 
appear at at ultimate | load (large displacement). 
«| 
| 
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CurRENT USA P PRACTICE: | SLURRY 


By Richard A. Millet’ and Jean-Yves Perez,’ Members, ASCE 


_ To establish diaphragm and cutoff slurry wall design criteria and, thus, — 
specifications, the designer must clearly establish the objectives or end results” 
a 2 are to be obtained. This paper considers the critical design criteria and 


the resulting ‘specifications for both slurry tre trench | diaphragm walls and cutoff 


wg Diaphragm and cutoff walls are initiated with a common process. This process _ 
a is the excavation of a narrow trench without the use of significant lateral support 
other than that provided by a bentonite-water slurry which is pumped into the 
_ trench so that the slurry level is maintained at at or near r the top of the t trench | 
In the diaphragm wall process, after completion of a segment of excavated 
: trench, either cast-in-place concrete (tremie process) or precast panels are used 
_ to displace the stabilizing mud and construct a load- -bearing wall (vertical and = 
_ There are two types of slurry cutoff walls: (1) Soil-bentonite; and (2) cement- 
: ‘bentonite. In the soil- bentonite cutoff process, the bentonite slurry is — 


_ bentonite cutoff process, cement is added to a fully hydrated bentonite-water ff 

_ slurry. The cement-bentonite-water slurry is then used to both stabilize the = 

4 slurry wall during excavation, and d upon setting of the cement, for the the permanent _ 


a The critical design criteria for the two types of slurry walls are ee a one 


‘Diaphragm walls: (1) Structural strength and ‘integrity; Q) 
and (3) permeability. 


Principal, Woodward-Clyde Consultants, 3 Embarcadero Center, Suite 700, San Francis- = J 
5 ? Assoc., ‘Woodward- -Clyde Consultants, 1 i East _ Adams Street , Suite 1500, Chicago, $ 
4 Note.—Discussion open until January 1, 1982. To extend the closing date one Filth 
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_ | _ soil backfill forms a low permeability highly plastic cutoff wall. In the cement- JJ 
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2. Cutoff walls: Permeability; (2) deformability; and (3) permanence. 
"These critical criteria can be subdivided and the co: corresponding building blocks 
of a specification developed. It is important to realize that specifications should 
7 be no more restrictive than is necessary to achieve the desired end pode 
To make specifications more complex and restrictive than necessary only results 
in raising the bid prices, delaying the progress of the work, and increasing 7 
the potential of contract litigation. Restrictive specifications may also tend to 
stunt the specialty contractor from trying new ideas in difficult situations in — 
this still developing field. 
_ End-result (performance- guaranteed) specifications are acceptable if (and this 
is an important if) the owner, "engineer, and contractor truly und understand and 
can agree on what end results are to be obtained. Until owners and engineers 
_ become more familiar with slurry trench techniques, applications, and limitations, — 
some method specification will be continued to be used. However, these 
_ specifications should be tailored to the true needs of the owner. With this 


philosophy, we shail 7 examine in in ‘more detail the basic criteria for slurry wall 


g Structural Strength and Integrity. —Eight main criterion are recommended for 


consideration: n: (1) Continuity a and of ‘excavation; n; (2): steel reinforcement 


(4) concrete fluidity (hemp test); (5) concrete strength (water-cement ‘satio); 
(6) panel connections; (7) support systems (struts, rakers, tiebacks, etc); ml 
(8) internal excavation procedures | (control of soil and ground-water pressures). __ 


Critical Excavation Tolerances. —Specifications normally will indicate the mini- 
mea width and depth of the wall. In addition, it is normal to specify a maximum 
deviation from plumbness for the wall. With respect to depth and width, these _ 

criteria are usually established by the structural requirements of the diaphragm 

: wall, the excavating equipment thought most appropriate for the site conditions, ae 

and with regard to depth, the geologic formations into which the diaphragm = 
- wall is to be founded. In general, the excavation tolerances, and particularly, 
the alignment of the diaphragm wall, can be better controlled when adequate 
_ guide walls are constructed ahead of the trenching operations, i 
Pe regard to plumbness, structural or potential architectural considerations _ 
are important. The state of the art is such that walls have been built to depths 
of we 400 ft (122 m) with less than 6 in. (152 mm) deviation from the vertical, 
 i.e., 1:800. However, one should specify such severe limitations on verticality 
only in cases where this is deemed to be a necessary requirement for the intended 
_ purpose of the wall. On. most projects, tolerances of 1: 80-1: 100 have been 
de 
‘Slurry Properties. —The properties of the trench ‘stabilizing : slurry are important 
in that they control to a great extent the stability of the trench, the removal 


of excavated material, and the adequacy of —- placement. Primary slurry 


j 
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properties to be i important and typically s are. 
weight or specific gravity, filtrateloss,andpH. = | 

_ In slurry trench practice, viscosity is generally measured with a Marsh funnel. 
- Viscosity is a measure of the ability of a a fluid | to ) resist shearing; a minimum 


construction. This \ value of ‘viscosity: has been found to give ‘consistently 
Spree results in ensuring the satisfactory excavation, stability, and concreting 
_ Minimum density of slurry has typically been set slightly over that of ground 
water. Some specifications have set minimum densities so high that, if prepared 
= with bentonite alone, the mixture would not even flow. Such high densities 
can only be obtained if fine sands or other excavated material are mixed in 
with the slurry. Because it is important in a diaphragm wall to minimize the - bil 
sand content of the slurry so that the eventual tremie concreting operations 
are not impeded, it is important that a minimum density for a diaphragm wall 
should not be made a severe limitation (actually, it is probably more appropriate | 
to rely on control of the viscosity). Specified maximum unit weight typically _ 
is on the order of 65 lb/ft (29 kg/m’)-75 lb/ft (34 kg/m’), and is limited 
to ensure the tremie processes are not impeded. 
_ Another factor considered in ‘aany trench specifications is the maximum 
dlewiiiie sand content prior to concrete placement. This parameter can be 
_ measured directly by. screen tests or, more commonly, indirectly by the density _ 
of the slurry. Prior to tremie concreting of the diaphragm wall, it is typically — 
specified that the sand content should not exceed 5%. 
_ Filtrate loss for a bentonite slurry is determined by a standard filter press — 
test [American Petroleum Institute (API) Test PP131B]. The filter press test 
zi is used to simulate the formation of filter cake that is built up on the excavated _ 


a surfaces by the electrokinetic forces and seepage forces pushing the slurry through = 


the sides of the trench. Filtrate loss and corresponding cake thickness are 


. indicative of how much slurry loss will occur during excavation of the trench, J 


and how fast the cake will form or reform on the sides of the trench when 
- Filtrate loss is indeed a measurement of the stability of the > slurry. A polluted - 
slurry, be it by cement or by other chemicals such as salts or acids, will have 
7 _ Toensurea slurry o of ‘adequate quality, the engineer should specify a reasonable 
& upper limit for the standard filtrate loss. Normal range of filtrate loss for bentonite | 
slurries for slurry wall construction is from 15cm*-30cem*, 
4 Usual range of filtrate loss for cement-bentonite slurries is much higher, in o 
general from 100 cm °-180_ cm m°. Actually, in this application, it is preferred __ 
to measure the filtrate loss of the fully-hydrated bentonite slurry before the 
addition of cement. That filtrate loss should be maintained below 30 cm*. 
.. The last important control item on slurry properties is pH, especially in an 
4 area where the chemistry of the soil excavated or of the groundwater could — 
‘dramatically change the pH of the bentonite slurry mixture. The most desirable 
_ range for the slurry pH is in the order of 6.5-10. If the pH becomes greater 
than 10.5, the slurry should be watched very closely for it will tend to floculate- 
and settle out. At this point it may be necessary to require the addition of 


a defloculating agent to > ensure ntinued d effectiveness of th the 


q 
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Groundwater Conditions. is extremely that condi- 
tions i in the area of of the wend: and excavation be thoroughly understood. This 


~- for dramatic changes i in n ground-water levels due t to anomalous weather — 
> conditions. Conditions such as artesian pressures and other geologic anomalies, 
such as springs and man-made sources of water (such as broken sewers) also” 
should be thoroughly understood in order to avoid difficulties with the stability — A 
of the trench excavation. Once ground-water conditions are defined, specifications 
~ should require that the slurry in the excavation be kept a minimum of 3 ft 
(1 m)-5 ft (1.5 m) above the maximum ground-water level. The ability to set 
_ the minimum distance that the slurry should be above highest ground-water 
level is directly related to the ability one has in establishing that ground-water 
level, i.e., the less certainty, the le greater the distance one should d stay above Ea 
a Subsurface Conditions.—As with ground water, it is important to thoroughly 
" understand the subsurface soil or bedrock conditions in the area of the proposed 7 
excavation, or both. Areas of problem excavation, such as boulders, cemented 
; layers, broken rock, extremely pervious horizons, impervious layer boundaries, 
_ foundation levels, etc., must be thoroughly understood and presented to the | A 
ren if the diaphragm wall is to be properly excavated and constructed. 
Steel Reinforcement Placement TEMG , hr ye 
_ The steel reinforcement requirements for a concrete diaphragm wall follow > 
standard America Iron and Steel specifications or other appropriate steel 
"specifications. In addition to these basic reinforcing specifications, it is important — 2 
E to recognize that the steel should be such that tremie concrete can be easily 
; : and thoroughly placed around the steel without honeycombs and slurry-filled 
.- Consequently, it is important that steel reinforcement not be so dense 
and tightly placed as to present problems in concreting. Spacers on the external 
_ reinforcing bars on the reinforcing cage must be installed to ensure” Proper = 
_ placement of the reinforcing cage in the slurry wall and ensure ‘proper concrete 
coverage of the steel on the external faces of the wall. To facilitate future 
x construction, sleeves and trumpets for future tiebacks, bearing plates for future 
struts and structural members, knockout panels, and shear keys can be included : 
in in the cage. It is important t to remember that the reinforcing 


‘integrity of hel cage while and prior to its annem into o the excavation. ; 
Techniques to connect reinforcing cages across panel joints are available. oa 
_ The adherence of slurry to the reinforcing bars does affect the concrete-to-steel 
bond, but not ‘sufficiently to control dear Reduction factors of 0.8-0.( 8-0.6 have — 
Placement of precast panels into a cement- slurry trench isa relatively 
new advancement of diaphragm walls. As with any diaphragm wall, the most > 
_ difficult part of the precast panel operation is to ensure panel connections are 
intact and properly aligned. Proper spacers must again be used and — 
and horizontal alignment of the panels m must be monitored, during and after” 


| L 
q 
| 
4 
Metary precast panel techniques usually Specia 
| surface treatment of the excavation side of the panels to facilitate removal — 
of the hardened cement-bentonite slurry, 


GT8 me WALL SPECIFICATIONS 

_ The ‘standard tremie concreting processes are applicable in the aie 
of concrete in bentonite slurry diaphragm wall construction. The tremie on 


should remain embedded in the fresh concrete for at least 5 ft (1.5 m) at all 
te When concreting wide panels, e. g. ., panels wider than 30 ft (9.2 m), 


it is recommended that more than one tremie pipe be specified. A rule of thumb — 
is to use one tremie per 15 ft (4.6 m) of panel. The design of the concrete 


process as regards the spacing of steel reinforcement. The tremie process also 


of must ensure that the maximum size of aggregate is appropriate to the tremie 


= is affected by the slurry viscosity, density, and consequently, sand content. 
_ It is important that in the tremie process, sufficient concrete be on hand to 
ey ees a panel section without interruption so as not to cause a — 
- formation of horizontal cold joints and, thus, slurry seams during the concreting 


Concrete Fluidity (Slump Test) 

‘Tti is normally. considered good to y fhuidity (as 
; by the standard concrete slump test) in the range of 7 in.-9 in. (180 mm- “230 

mm). This will ensure adequate flow of the concrete ‘in the tremie system and 

the displacement of the slurry in the wall panels. Stiffer mixes usually lead 

to voids and open honeycombs i in the panels, Dt yee nid where the reinforcing 


ey The strength of the concrete in the backfilled diaphragm wall is directly related 
_ to the water-cement ratio of the concrete mix. Consequently, normal American ~ 


Concrete Institute (ACI) | specifications and practice can be followed in 1 specif: ying 


the required structural strength of the concrete. 


the design loads imposed upon them. Some of these qpanarnene are proprietary, 
others have become standard practice. . In many cases, this is a good Place . 
to require an end-result specification, i.e., “require that the strength, integrity, : 
a and continuity of the. joints is maintained and allow the | contractor to use his his 
ingenuity to develop an scheme. | 


Support Systems (Struts, Rekers, 7 Tiebacks, Etc. bas 
The support system needed to provide the temporary © or permanent 


“similar to that for any ‘retaining wall. Consequently, struts, rakers, and poe 
and rock tiebacks are appropriate and have been used successfully with diaphragm 

In addition, cantilever design by internal pte with vertical still members, 


| | | 
- 
| 
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€ 
be specified to ensure that there is a structural tie between adjacent panel , _ 
sections and that these sections have adequate strength and integritv to support _— - 7 
4 
: 


= the design engineer only in a final excavated condition, whevens internal support * 
. systems described previously and ground water and soil conditions inside the 
: excavation area, are left totally up to the contractor. This can cause difficulties - 
_ in that there may be certain combinations of construction conditions, i.e., ground» 
water, excavated soil and rock conditions, and installation procedure of retention 
“system, which can lead to higher stresses during excavation than considered 
for the permanent conditions. © 
Tf the engineer feels this may be the case, it may be necessary to either 
: work ¢ out a a compatible system with the eventual contractor or place limits in 


system for the concrete diaphragm wall, and on the sequence of excavation. 
_ A simple example of a possible problem would be permitting total dewatering — 
- of the interior of the excavation and removal of a large lift thickness of ce 
_ material without the placement of the first interior support, e.g., tieback, raker, 
“ete. These conditions must be examined in close detail on a job-by-job basis — 
and then the engineer m must decide what are the maximum | limits he can permit 
‘the contractor to develop, and where he must specify control to ensure . 
structural strength and integrity of the ee 
Permanence.—Permanence of a concrete diaphragm wall is of eminent 
= tance. In most cases, the concrete diaphragm wall has become : a ‘permanent 
part of the structure and, thus, | Te 
_ are four areas of general concern and interest: (1) Active role in foundation; 
_ (2) reinforced concrete permanence; (3) tieback permanence; and (4) architectural 
a previously identified, many typical concrete diaphragm walls become an 
_ integral part of the foundation of the proposed structure, either as a permanent — ; 


a a wall or vertical load-bearing member, or both. In this regard, all 


eee that are involved in any permanent foundation unit must be 


reviewed sa phe in controlling and specifying the desired end result. fare 


_ As for any other subsurface structures, time-dependent corrosion must “/ 


taken into account for diaphragm slurry walls. The quality of the concrete may - 

d be altered with time by aggressive ground water. In some cases, sulfate resistant a 
cement may have to be specified. I In other cases, ‘the concrete may have to = 
be designed to withstand the long-term corrosive action of saline or acidic waters. = 
Because the concrete in a diaphragm slurry wall is actually cured under rather 
ideal humidity and temperature conditions, shrinkage cracks are not usually $ 
z recent practice that has been developed in Europe concerns the use of ‘4 

J permanent earth tiebacks to support permanent concrete diaphragm walls. This Ria 
practice consists of providing access to the jacking head of earth anchors; this 

rejacking of the anchors over the life of the 


{ 


Corrosion is also a concern for permanent  strennnt tiebacks. The designer 
should be aware of the corrosion potential of the soil and rock mass surrounding 
_ the tiebacks. The specifications should include measures, such as protective | 
coatings and grouting, cathodic protection, etc. 


many the interior portions of concrete diaphragm walls 
be left exposed, , Subway excavations, basements of parking garages in 
buildings, etc. “Where this i is the case, certain limitations on concrete projections ‘ 

3 into the excavation may be appropriate. There have been many case histories: 
where the interior of the diaphragm walls, when exposed upon excavation, 
have been found to be quite satisfactory for use without any additional cosmetic : 
Permeability. With regard to the permeability of the concrete diaphragm 

oa wail, it is typical to specify that there be no free-water leakage through the 
wall, but depending upon the architectural and social use of the interior part 

: of the exposed slurry wall, dampness of the wall may be permitted. It is of 


course possible that in certain applications even dampness needs to be limited i 


_ If this is the case, the engineer will have to more 
specifications, the greater the likely bid costs. 

For permeability, five primary criteria are 1 for 
(1) Continuity and stability of excavation; (2) concrete placement; (3) concrete 
fluidity (slump); (4) panel connections; and (5) sleeves and other wall inserts. " 


q 
‘Continuity and Stability of Excavation we 
~ Considerations are identical to those listed under structural strength ail integrity 


of diaphragm walls, i.e., critical excavation techniques, slurry properties, ground- — 
water conditions, and subsurface conditions. If the wall is not continuous and © 

stable, then leakage, or dampness is certain. Of particular concern 


a watertight cutoff; and (2) ‘the tolerances in the wall to ensure that « corners 


_ Again, the same consideration consistent with structural ‘strength ; and integrity ; 
applies; the tremie process must follow the same nr practices as roe ; 
for any | tremie process. 

_ To ensure low permeability of the wall, a fluid concrete mix is needed to . 


prevent bad concrete joints and canmeab.. 


to handle | panel connections. However, ‘most leakage through diaphragm walls — 
occurs at the panel joints. An end-result specification may be applicable and — 
aes permit the contractor to use his ingenuity in avoidance of leakage or dampness | 


| 
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Sleeves and Other Wall Inserts 


As mentioned for future construction ease, various sleeves and 


and in inserts may have be 
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DEWATERING OF AREA TO BE EXCAVATED 


Senitary “ft wid 


ROUND WATER RESERVOIR AND COLLECTIONFROM 
or MAINTENANCE CHEMICAL or OIL STORAGE nes 
OF WATER TABLES. lighter then water) 


3 
FIG. 1 .—Typical Applications Trench Cutoff Wall | 
wall has not had such wide- -spread exposure. Fig. 1 presents typical applications - 
_ of the cutoff wall as constructed with the slurry method. As can be seen from 


Fig. 1, applications can range from forming an impervious cutoff for a — 


At the of the practice, two ‘types of Plastic cutoff walls are 


| _or dike empoundment to the containment of subsurface oil and chemical pollutants. 


PY 
concreting. Often these inserts constitute a preferential seepage path for outside = _ 
- e.. he use of concrete diaphragm walls has had much exposure in the technical =f 
[65s and construction literature; however, the use of the so-called plastic slurry cutoff ; 

q 


mS 


used: (1) Walls ‘excavated with a bentonite- water slurry and backfilled with 
a soil-bentonite mixture; and (2) walls excavated with a cement-bentonite-water ¥ 
tte which does not need to be backfilled as cement causes the slurry ae 
iz 4 harden to strengths comparable to that of a stiff clay. With the > aforementioned _ 
_ applications: and types of cutoff walls in mind, there are three prinicpal design — 
criteria which we believe to be important considerations in the preparation 
_ specifications for construction of plastic cutoff walls. These criteria are per- 
Pe Na Permeability.—Permeability is, of course, the most important characteristic _ 
of the cutoff wall in that the major reason this type of slurry trench /wall — 
_ is constructed is to minimize the | passage of fluid. Cutoffs can prevent infiltration 
into an excavation, retain water in a reservoir, or prevent a leakage of polluted 
_ chemicals, oils, gasoline, etc., out of a containment area. The following five ; 
factors are important to the eventual permeability of a slurry trench cutoff — 
wall: (1) Continuity and integrity; (2) thickness of wall (hydrostatic head); 3) 
= backfill properties; (4) backfill placement for soil-bentonite cutoff; and J 
Continuity and Integrity vigtht toe 


_ It is quite important that the slurry trench excavation be continuous so as ¥ 
_ not to permit seepage zones or zones of pervious material to breach the cutoff. 7 
In this regard, the following factors must be considered. rer a 
"same factors considered in the wall are applicable The 
depth will be controlled in many cases by the subsurface conditions, i.e., the 
depth to an aquiclude and the type of containment or permeability barrier that 
is to be constructed. The width will be dependent upon the required permeability — 
of th the . cutoff wall, the materials that make up p the wall, , the waterhead across © 
¥ the wall, and the size of available excavation equipment. These latter items 
will be considered subsequently. The inclination and deviation from verticality _ 
_ will only be important as they affect the continuity and integrity of the wall 
Slurry Properties.—The slurry properties important to ensuring stability of 
(ie e wall during excavation and backfilling are identical to those specified for | 
_ diaphragm walls, i.e., viscosity, density, filtrate loss, pH, and to a lesser extent 
_ for the cement-bentonite slurry sand content. 
_ Ground-water Conditions.—Ground-water conditions must be thoroughly un- | 
; derstood along the entire — of the cutoff wall i in n order | to © prevent difficulties g 


: “during the excavation. As was considered for diaphragm walls, | it is important 
that a minimum of 3 ft-5 ft (1 m-1.5 m) of slurry head be maintained in the 
excavation above the level of the maximum anticipated ground-water conditions. 
"Seasonal fluctuation of ground-water levels must be established in this regard. 
Subsurface Conditions.—Potential anomalous subsurface conditions that will 
Poe either the continuity of the } cutoff wall as it is being excavated or the — 

; —tie- in with the subsurface aquiclude | must be understood. Solutions for closures | 
' = * windows in the walls must be evaluated. The minimum penetration into | 


an aquiclude at the base of the wall must be thoroughly examined before it 
— specified. If ‘the aquiclude is a competent inpervieus bedrock, a minor 
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penetration ‘may be satisfactory. A cost penalty would be 
on the project by requiring a 2-ft (0.6-m) penetration into a competent bedrock © 

if it is not truly required. If, however, the excavation is to be carried into 
a Clay aquiclude, then it might be reasonable to specify a 2-ft or 3-ft (0.5 m 
4 or 1 m) penetration into ‘the aquiclude. Such penetration may avoid problems — ; 
has now been | provided in which soil which has settled out of the s slurry, i s 
collect without causing a seepage path through the wall. 
Thickness of Wall (Hydrostatic Head) ew 
In setting minimum thickness of the cutoff wall, hydrostatic head and per- = 
meability of the: backfill materials must be evaluated. A typical relationship 
- ‘thet has been developed for the use of soil-bentonite backfill slurry walls is 
that the wall should have a thickness of 
_ Fora cement-bentonite slurry trench cutoff wall, the increased shear strength 
of the backfilled wall has typically permitted the wall thickness to be set at q 
a minimum physical excavation thickness, i. €., somewhere between 24 in. and 
36 in. (610 mm-910 mm). This width is satisfactory up to a depth of at least 2 
100 ft (30 m) of hydrostatic head. Beyond that point, more detailed and 
_ sophisticated engineering evaluations should be carried out to evaluate the ability — 
of cement-bentonite cutoff walls to resist hydrofracturing. Jon 
Soil-Bentonite Backfill.—In m many cases, specifications have established a 
bi _gradation of soil-bentonite backfill that compares to that of a glacial clay till, 
 i.e., a wide range of particle sizes from coarse to fine with the resultant bentonite — 
content somewhere in the range of 2%-4% by weight and all the order a 


- of 10" a mm/s. It must be pointed out that other gradations have been 
used satisfactorily for soil-bentonite backfill, including fine sands and clays. _ 
The second factor with respect to specification of the backfill concerns its” 


consistency. Typically, the of soil- backfill i is 


im the range of 4 in.-6 in. mri00 m-150 mm) is appropriate. If the slump a 
_ greater than this, then a very flat backfill slope is obtained which can pose 
problems with regard to efficiency of excavation. If the slump is less, honeycombs, 
voids, and entrapment of pervious | materials may result which « can cause e breaches 
_ Cement- -Bentonite (Self-Hardening Slurry). —The principal factors ¢ affecting the 
permeability of the cement-bentonite slurry (which is also the slurry used during, 
the excavation process) are cement-water ratio, bentonite-water ratio, and, = 
procedure in making eventual panel connections between 
the fresh cement-bentonite slurry and the set cement-bentonite. It is important — 
to recognize that the cutoff wall is formed by the cement-bentonite mixture 
‘ which is the same material that is used to stabilize the trench during excavation. - 
Typical permeability of cement-bentonite slurry cutoff wall is also on the order 


24 
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dTtis important to specify in the cement-bentonite process that the 
be fully hydrated with water prior to the addition of any cement. When this 
Procedure is followed, ‘the cement-water ratio typically will be the controlling _ 
_ factor in the eventual strength, deformability, and permeability of the backfill. a ; 
_ It is important, when panel connections are made between two excavation 
ie units, that a thorough overlapping is obtained to ensure that no windows or — 
3 cold joints are created. Experience has indicated that connections may be made 4 
as long as one week later into set cement- t-bentonite and adequate 


= to prevent flash set and cracking and, therefore, permit plastic contact 
: vy between adjacent panel units. In many cases, the cement-bentonite slurry trench 
process has been used in 4 ee fashion, with connections made along 
v wall on a daily basis. 


Backfill Placement for Soil- Bentonite Cutoff 

The initial backfilling procedure for a soil- bentonite cutoff wall. complete that 

a soil-bentonite mixture be placed by a tremie process in the slurry-stabilized 
cutoff trench. The initial process continues until sufficient material has been — 

_ placed in the excavation to permit the backfill material to become exposed — 
at the top of the trench. Standard practices with regard to tremie should be = 
maintained. Backfill also has been successfi ully tremied with a clamshell bucket. 

_ After exposure of the backfill material at the top of the trench, the remainder 
of the backfill is pushed with a dozer onto the exposed backfill at the top 
of the slurry wall. Free fall through slurry is not permitted. Pushing the backfill 

forces the material to slide down into the trench under it its own iat Type 


__ Process is continued until the entire excavation has been backfilled. Typical ; 
slopes of the backfill surface during the backfilling process range from 5:1-10:1; | 
_ the slope depends upon the slump of the backfill material and the gradation — 
“4 of the material involved. The higher the slump and the more uniform the gradation, 7 
the greater or flatter the slope of the backfill surface will be. A low slump 
and a coarse grade of material reversely will have the steepest slopes. Of course, 
the steeper the slope and the lower the “slump, the greater the possibility of 
trapping sediment, excavated material, ‘fluid cutoff 


2 demonstrates the applicatio 

a dam or dike embankment. It is important to recognize in 1 the “engineering 

application of cutoff walls that there will be some settlement and consolidation - 

of a soil-bentonite cutoff wall. Fig. 2(@) presents a typical application of a 

slurry wall in such a circumstance. Note that if proper connection details are 

not carried out, there is potential for a seepage path to develop, due to | 

consolidation of the backfill material, at the top of the soil- bentonite cutoff — 
wall. However, a simple construction detail of forming an impervious dike, 
4 which probably would be needed to provide a working platform for the construc- 


tion of the slurry wall anyway [see Fig. 2(b)], reduces the potential risk for 
_ such a seepage path to develop. Considerations such as this connection detail — 


are a fundamental part of proper application of slurry wall cutoffs. rrr a 


: Deformability. —lIt is important to recognize that under majord “en embankments 


| 
| 
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te - capable of sustaining such high levels of deformation without cracking or failing. Z 
= _ This is s significantly different than conditions typically faced by diaphragm walls. 
rig ‘material properties. The following consideration is thus. separated into the two a 
types of basic material, i.e., soil-bentonite and cement- bentonite. 


Eventual Dike or Dam 


fer’ 


a Seepage Path / + ot Backfill 


Ye MME 


Soil-Bentonit As considered briefly. to backfill 
- permeability, backfill strength is effected by gradation and slump of the backfill — 
material. The coarser the gradation of the backfill, the more rigid and firm 4 
_ eventual performance of the wall. Conversely, the greater the slump, the : 


more flexible the wall will be with respect to potential deformations. With regard 
png to soil-bentonite walls, however, it is suggested that when specifying a reasonable | 
& gradation of coarse to fine material and a slump of 4 in.-6 in. (100 mm-150 
iq mm), there is little — with deformation or cracking. _ Consequently, in 
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v7 
4 Cement-Bentonite e.—The factors which effect ‘the deformability o of cement- ben- 


“tonite slurry trench cutoff walls are the cement-water ratio and the bentonite-water 

7 : ratio. Significant laboratory testing has been carried out to relate the cement-water 

j ratio and, to a lesser degree, bentonite-water ratio to the deformability (without 

_ cracking) of various cement-bentonite mixtures. It has been determined that 
the he higher the strength, i.e., the higher the « coment- -water the s more 


ade 
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—Typical Strength Deformability Tests for Cement-Bentonite Slurries 


rigid, and thus, less deformable, eventual cement-bentonite wall. Correspond- 
| 7 ingly, investigation of the bentonite-water ratio indicates that the higher the 
__ bentonite-water ratio, the more flexible, the more deformable the wall may 
be. Fig. 3 presents a summary of typical test results for a particular application © 
of a cement-bentonite wall. It can be seen from this plot that the cement-water 4 
ratio has a dramatic effect on deformability of the cement-b -bentonite beckfill. . 
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In this particular case, a 10% deformation was s required. Because of on more + q 
Be. relationships that must be evaluated in the application of a cement-ben- | 
tonite slurry trench cutoff wall, more sophisticated testing may be required — _ 
on a specific project basis to ensure the desired end result will be obtained. fhe a 
_ Permanence.—The use of slurry trench cutoff walls may or may not have 
_ | permanent application. If a slurry cutoff wall is used around an excavation - Hat 


- provide a temporary dewatering expedient, then the life of the wall my 

be only on the order of 1 yr-2 yr. If, on the other hand, the slurry wall cutoff 

has been applied as a cutoff or seepage barrier beneath a dam or i 
containment pond, then of course the slurry wall must last for the life of the 


Under normal environmental and ee conditions, properly c c 


‘soil- bentonite and cement-bentonite backfilled slurry walls can be Copies 
Continued research is being carried on by the bentonite producers to develop 
_ bentonites that may be used in corrosive environments and, thus, provide - 
permanence even under severe environmental conditions. . For specific applica-— 
tions of bentonites for anomalous or corrosive ground water, soil conditions, ay 
or containments, it is important that the correct type of bentonite be specified. 
i this regard, it is recommended that advice and consultation be caines 


Construction Quaury ‘Controt / Quaurty Assurance 
i It is often required, in specifications, that the contractor be nal responsible 


for running basic quality control tests on the various specified control points, — 
i of the slurry, density of | the ‘slurry, slump of the backfiil material, 


upon a size, volume, and scope of the project, the number of t tests should 
an addition to to the contractor’ s quality conteel, it is strongly recommended 


assurance services would include spot testing of the appropriate specified criteria, 

5 , again, slurry viscosity, slurry density, slump of backfill, conarete slump, 
ee of trench, proper tie- -in with aquiclude or bearing stratum, , Verticality, — 
cleaning of trench bottom, etc. The frequency | of the spot checks and spot _ 
; : testing would be dependent upon, again, the volume and production of work 
and the discrepancy, if any, between spot checks and the contractor’s quality-— 
: control testing. Such an independent quality assurance organization provides J 
the owner with the necessary controls over the desired products and criteria 
been established in the ‘Specifications. It ‘Should be emphasized 


these items are > not, in 1 fact, important to the end results or desired iesies 
* of the construction. In other words, quality control and quality assurance should 


onstructed 
‘ 
> 
4 
4 
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&§ 
F i construction quality assurance. This is especially true if the engineer/owner 
: 
4 
‘be specilied on y tor 10SE items U nat truly ave an elrect on the Jesirec en 


_ There are many and varied applications for ‘the use of slurry diaphragm ond 
slurry cutoff walls. Their full application and exposure has not yet been developed 
in the United States. Because of this fact, the specialty contractors who have 
engaged in slurry wall construction efforts overseas and to a limited extent 
3 in the United States have developed a degree of expertise above that of owners 
and architect / engineer firms. Consequently, owners and architect/engineers 
are faced with a process in which they “must establish specifications f for work 7 
: 7 in which the specialty contractor is the expert. This can lead to rather - awkward 7 
- contract specifications and relationships, and can often result in specifications 
that require unnecessary controls and limitations which only generate additional 7 
‘ cost and add nothing to the technical superiority of the wall or cutoff. It is 
_ important, therefore, that in preparing specifications for a slurry wall, a thorough — 
understanding of the desired end | result | is maintained and only t those specifi 


However, the application of end- oath specifications in the present practice 
ro isa sa long way off until the owners and engineers gain amore thorough understanding 
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FEM! oF , OF OROVILLE 


Oroville ee and Lake, keystones of the California State Water Project, 
are situated in the foothills on the western slope of the Sierra Nevada. The 


north of Sacramento. The dam, on the Feather River, is the highest earthfill 
dam i in the United States. It rises 770 ft above stream-bed excavation and spans © 


‘and Parish Camp Saddle Dams, complement Oroville Dam in containing oo 
3,537,577 acre-ft Lake Oroville. The dam and lake, along with their appurtenant _ 
comprise a multiple-purpose project involving water 
power generation, flood control, recreation, and fish and wildlife enhancement. — 
The dam is zoned, rolled” earthfill with impervious core, gravel "shells, and 
appropriate transition zones. The shell materials were obtained from the vast — 
fields of tailings produced many years ago by dredgers working over the flood a 
plane ofthe Feather River for gold. 
Seismic activity occurred during the months of August and September of 
1975 within close proximity to Oroville Dam. During this time bedrock and 
_ dam crest acceleration time histories were recorded. The recorded bedrock motion 
_ of the August 1, 1975 main shock, and September 27, 1975 aftershock, having 
magnitudes of 5.7 and 4.6, respectively, were input into a two-dimensional finite 
element model of the dam and the computed crest motion compared to the 
Description of EMBANKMENT MaTERIALS AND DYNAMIC INSTRUMENTATION SYSTEM 
Embankment Materials.— Materials comprising 1g the various zones of the dam 
R, ‘considered in the analyses, shown in Fig. 1, are described as follows. 
a Zone !.—Impervious core consisting of a well-graded mixture of clays, ‘silts, 
sands, gravels, and cobbles to 3-in. (76-mm) maximum size. Compaction ‘was 
in 10-in. (254-mm) lifts by 100-ton (90,700-kg) pneumatic rollers. Average i in- -place. ai 
ra dry density achieved was 140 pcf (2,240 kg/m’) at 8.0% moisture (average z) 
‘Assoc. Engr., Div. of Safety of Dams, Dept. of Water Resources, Calif. 
f Note.—Discussion open until January 1, 1982. To extend the closing date one month, 
a written request must be filed with the Manager of Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication on June 24, 1980. 
This paper is part of the Journal of the Geotechnical Engineering Division, veg ge 
7 of the American Society of Civil Engineers, OASCE, Vol. 107, No. GTS, August, 1981. 
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_ lifts by smooth-drum vibratory rollers. Average in-place dry pute achieved 

ae. was 151 pef (2, 400 kg/m’ ) at 3.9% moisture (average 99% relative compaction). 
Zone 3. —Shell zone of predominately sands, gravels, , cobbles, and boulders | 

to 24-in. (610-mm) maximum size; up to 25% minus No. 4 U.S. Standard sieve 


sizes permitted. Compaction was in 24-in. (610 mm) lifts by smooth-drum vibratory — 
rollers. Average in-place dry density achieved was 147 pef (2,350 kg/m’) + 
7 


3.1% moisture (average 99% relative compaction). 
_ Zone 4.—Buffer zone designed to compress contains between 15% and 45% 
passing No. 200 (0.074 mm) U.S. Standard sieve with 8-in. (200-mm) maximum =. 
_ size. . Compaction was in | 15-in. (380-mm) lifts by a smooth-drum vibratory ro roller. Pa 
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Fi. 1.—Oroville Dam Maximum Section 
Dynamic Instrumentation.—Four force-balance type accelerometers were in- 

- stalled in the dam at the maximum section, Station 53 + 05 by the — na 


ea - No. ‘1: Beneath the crest at Elevation 680. pic = 
2. No. 2: Beneath the crest at Elevation 801. 
3. No. 

4. No. 4: On the crest at downstream edge Elevation 
- These instruments measure accelerations in the vertical and downstream direction, 

- N46° E and along the axis 90° to this direction. In cooperation with the U. Ss. 
- Geologic Survey, (USGS), three additional instruments were placed at the site. 
One was located at the crest along side the DWR accelerometer, one in the 
core block gallery, and one on rock at Elevation 1120 about | mile northwest 
_of the dam (Seismograph Station). The core block and crest instruments a 

ge oriented the same as previously described; one axis of the seismograph station 
instrument was oriented N37° E. With the exception of the core block unit, 

“all strong motion instruments were operable during the period of activity. ioe 


100% relative compaction, DWR Standard 20,000 ft-lb/cu ft (98,600 m-kg/m°*). 
Zone 2.—Transition zones consisting of a well-graded mixture of silts, sands, 
"gravels, cobbles, and boulders to 15-in. (380-mm) maximum size (6% limit on 
4 
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event or another of the Angues-Beguembber 1975 earthquake series. Five groups 


@ Stress cells were located in the downstream shell — 2). Each cell — 


s ‘Sao (CEC), and the other measures static stress | only (MAIHAK). Cell a 


tadw ‘on ‘ACCELEROMETERS OT 


‘TOTAL STRESS CELLS 


FIG. 2.—Oroville Dam Embankment: Dynamic 


Numbers 1, 1, 2, 5, 6, 6, 7, 10, i, 12, _" 14 were operable ‘during ‘the earthquake 


> Three of the recorded events were of significance for analyzing the response 
of Oroville Dam. The main event of August 1, Magnitude 5.7; an aftershock 
of Magnitude 4.7 on August 5; and an aftershock of Magnitude 4.6 on September 
4 27. Many other foreshocks and aftershocks were recorded but were not used — 


7 ms in these analyses. Parameters of interest for the three events are listed in Table 


_ 1. The original accelerometer traces of these events are shown in Ref. 1. pan 
¥ August 1, 1975.—The DWR accelerometers were triggered by a minor foreshock 
and were still recording when the main shock occurred. With the arrival of 
the large accelerations of the main shock, other instruments (pore pressure | 
and stress cells) were triggered resulting in an overload and a temporary loss _ 
- of power. This loss of power caused all of the instruments to stop recording 
- for most of the duration of the strong motion. After several seconds, the back-up 
pen source had been activated and all of the instruments started to record 
again resulting ina gapinallthe records. $= 
_ The length of time represented by the gap was determined by oe 
of aftershock records. The records show the space between a previous and 
_ subsequent event to be of the same length as the gap in the August | record. 


7 After August 8, the recording speed of the recorders was increased by a factor nf 


2. 5 in. .O in. (25 The ‘resulting increased angular momentum 


Six dynamic pore-pressure cells were installed in the upstream shell — 
x 
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aucusr 


‘The p power failure v was reenacted so that s some insight might be ; given’ to 
Zz of time which elapsed between main power cutoff and the back-up _ 
. power source being activated. It was determined that the generator, which is 
* 
_ the source for the back-up power supply, needed a minimum of 5 sec-6 sec 


a Start and supply power to the recorders once the “main power supply was _ 
cut off. The length of time represented by the gap w: was, therefore, assumed 
To gain an insight into what occurred during the missing portions of the 


crest of Oroville Dam were obtained and compared with the corresponding 
DWR records. Both the USGS and DWR records were lined up so ee 


the time traces have a common time base with the gap 
6 sec (Fig. 3). 


4 Seismic: latitude inmiles 


Magnitude 
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30°65" 


“ The motions recorded by the DWR and USGS | instruments located on the 
crest are identical (starting from the second part of the DWR recorded crest ‘ 
_ motion) and any differences are due to low and high pass filtering and instrument 


werent performed on the USGS recorded crest motion. The DWR records 


were not corrected for instrument response, as they would not be used in any | 
subsequent analyses. It was noted in Ref. 2 that the first few seconds of the o 
USGS recorded crest motion were lost. The lined up DWR and USGS crest 
motions as shown on Fig. 3(b) indicate that approximately 2.5 sec of initial i 
crest motion is missing from the USGS record. 

a The USGS recorded base motion at the seismic station was ‘positioned so 

_ that the beginning of this record lines up with the start of the strong motion 

7 recorded on DWR accelerometer 3, Fig. 3(d). This positioning of the USGS 
recorded base motion shows that the strong motion had essentially ceased by 
the start of the USGS recorded crest motion. 
‘The positioning of the DWR and USGS records as shown on Fig. 3 is the 
best estimate of the sequence of events describing the motions experienced — 
by the dam during the earthquake « on August l, 1975. oot) 


= 
the drum increase ‘Oo events to approximately | in. 
7 _It_ was therefore determined that the gap in the August | records re nae a 
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FIG. 3.—Oroville _— Acceleration Records Records August 1, 1975: Upst ya 
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oscillates ‘while the ai amplitudes of the accelerations of the crest are 
ing ae This again occurs with the amplitudes of the recorded base motion 
being negligible. The USGS did not have any record of the August Sevent. _ 
_ September 27, 1975.—The seismic event of September 27, 1975, (Magnitude = 


having a high frequency content were digitized at 100 points /in. -150 points /in.; eas 


} .6) was recorded in its entirety on the DWR accelerometers. The components 


. comp processing of the digitized records was performed using the routine 
_ computer processing methods for strong motion accelerograms developed by 


Trifunac (13, 14). Some changes, however, were made i in this standard processing — 


the longer period components were digitized at approximately 75 points/in. -100 7 : 


are e of a , force- balance type. ‘Tt was assumed ‘that ‘the: instrument | response was 
unaffected throughout the frequency range of interest. 7 
The records of the base motion (horizontal and vertical) were baseline corrected ; 
with an equal spacing of 100 points/sec. The equally spaced data were low-pass | ra 
filtered using the Ormsby filter with a cut-off frequency ¢ of 48 cps and a rull- off — 
termination frequency of 1.0 cps. . This filter bandwidth deviates from the standard 
filter used (13,14) mainly due to the high frequency content, low amplitude, 
and short duration of the records. 
_ The USGS did not have any record of any seismic events for the time — 


Observed Natural Period. —The USGS recorded crest motion of porn A 


_ amplitudes of the corresponding base motion being negligible. Response spectra 


4 
a shown on Fig. 3, shows the dam oscillating in its fundamental mode with the : 


of the USGS recorded crest motion show a predominant period of 0.8 sec. _ 


a Response spectra of the first part of the DWR recorded crest motion show 


a predominant period of 0.25 sec. This lower predominant period of the crest 
: motion occurs during the duration of the higher amplitudes of the base motion. 
a Like the August | crest motion, the August 5 crest motion shows the dam x 

oscillating in its fundamental mode with the amplitudes of the base motion _ 

being negligible. Response spectra of the DWR recorded crest motion were _ 
not obtained as these records were not digitized. The predominant period of — 


the free vibration part of the record was observed to be approximately 0.75 — 


_ The August | and 5 records show the dam to respond. during the time 7 


strong base motion with high frequencies. After the base motion has essentially 
ceased, the crest motion decays uniformly with the dam freely vibrating. It 
was assumed, for purposes of these analyses, that the dam was responding 
3 its fundamental mode with a predominant period of 0.8 sec. ies ; 
Determination of SHear Moou.us FOR EMBANKMENT Swett Materia 


t General.—The August Oroville earthquake afforded an excellent Opportunity — 


for back figuring the value of the dynamic shear modulus at low strain levels 
‘since acceleration records were obtained for base rock and dam crest. The 


. — 5, 1975.—The DWR recorded motions again have a major part of — 
event missing and therefore could not be used in any subsequent 
4 
i 
| 
be 
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aftershock of September 27 of which good crest oat toe — wwe poner 
was used in the analyses. The break in the DWR acceleration records of the 
August | event rendered them unusable. Instead, the Seismic Station record 
was used for base-rock input and the output compared to the USGS crest 
‘instrument record. Although the Seismic Station is some distance from the base 
| of the dam, its records do ) represent rock motions having a frequency \ content 
similar to that of the | records obtained at the | dam toe. It was, therefore, felt 
that a reliable estimate of dynamic shear modulus would result with use of _ 
both the September 27 and August | events. 
i= _ Static Stress Analysis.—The static stress distribution for the maximum section 
_ of Oroville Dam was required for input to dynamic finite element pone 
The nonlinear incremental finite element method was used to ‘simulate the 
7 construction sequence of the embankment and subsequent filling of the reservoir. 
Computer program ISBILD was used to carry out the static stress analysis. 
This program is very similar to the computer program used in the earlier analysis 
of Oroville Dem by Kulhawy and Duncan (4). The use of an incompatible — 


4—Finite Element ‘Mesh: Section O 


in the previous : static om the same stress-strain parameters were used 


Piezometer Teadings obtained prior t 
By 


construction was used in the e analysis 


1. Construction ¢ of the c core block in va layers. 


3. Construction of the remaining embankment in 27 layers. ~p 
4. Application of water load in four stages, simulating anal of the reservoir. 


a astucat period of 0.9 seu. ine 


The peel of this analysis correspond t to those obtained i in the previous analysis. 


7 4 - the program used in the earlier analysis which uses a two linear strain triangular ff 
ia 
_ _ The finite element mesh, Fig. 4, used in the static and dynamic analyses 
- ‘contains 564 elements and 585 nodes. This mesh contains a greater — 
of elements in the shell zones and a smaller number of elements in the transition 4 
= §—_— zone between the shell and core zones than the mesh used in the earlier analysis. - 
Nee in the core. The following sequence of 
4 
‘ OF oF Tne re block in avers , 
| 
Oontours 0: Major and minor principa Suess an onentauon OF t S TeSSes 
is shown in Figs. 5 and 6, respectively, = | of tro solution 
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FIG 6 —Contours of Maximum — and of Stresses 
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Static stresses are measured periodically at in Fig 2. 
all but three of the static stress cells were functioning at the time of the 
 eaxtgunkcen: Over the years, static stress values have remained relatively 
constant. The comparison between measured and calculated Static stress values 

is presented in Table 2. Inspection of Table 2. “shows good agreement between 
measured and calculated vertical stresses. Inclined stresses and compression 
toward the downstream toe also show good agreement. 
a operable cells measuring comparison toward the upstream toe yield more 
erratic results when compared to the calculated values. The disagreement between aff 
the: calculated and measured values for the inclined cells is arsenal ; 


embankment material 
Three-Dimensional Effect. —The: recorded motion response 
of a three-dimensional (3-D) system. Present computer capabilities only allow 
a two- ») dam the size sof Oroville. D 


Maihak Cell FEM Analysis Stress Stress anh 


23.0 
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overestimates the natural period because the greater stiffness of the system — 
. resulting from the abutments is disregarded. Studies by Makdisi (6) compare 
: the computed natural period of embankments by 2-D analyses with the natural — 
q period computed by 3-D analyses. The difference between the two computed > 
natural periods depends greatly upon the ratio of maximum height to crest 
_ length of the dam. Results show that for the maximum height to crest length 
ratio of Oroville Dam, the ratio of computed natural periods by 2-D and 3-D 
analyses is 1.25. Thus, to obtain the actual dynamic material properties for 
Oroville Dam, the computed natural period for the maximum section should 
be greater than the observed natural period by a factor of 1.25. As the crest _ 
acceleration records exhibited a natural period of 0.8 sec, the value sought — 
. Method of Response Computation.—The dynamic FEM analyses were carried © 
with | program LUSH | details of the soluti 


| 

le | 


the of system matrices are readily available in Ref 25. 
Basically, the program solves the equation of motion for undamped systems — 


in (u} and (ii) = = the nodal and vectors, 
respectively; [M] and [K] = the mass and stiffness matrices; and ji(t) _ 
the given input acceleration time history. Viscous rg is incorporated in 


the variation of damping and shear modulus with shear strain by successive 7 
_ The calculation of natural ened was made wih solution of the eigenvalue 
¢ in which [K], {M) i w represent stiffness matrix, “mass vector, and natural 
circular frequency, respectively. The formulation of the stiffness matrix is based — 
upon shear moduli which correspond to the average shear strain experienced © : 
during the duration of base motion, 
‘ a Shear moduli values for the > core material were determined by the use of | 
rs the undrained strength and shear modulus relationship for clays as outlined 
_ in Ref. 12. The zones of core material in the maximum section constitute only — 
10% of the total cross-sectional area and were found to have a negligible influence ~ x 
The shear modulus for the shel shell material was computed by the following a. 


_ in which G,,,, = the shear modulus, in pounds per square foot, at small shear 

‘Strains (10 = the shear modulus parameter at small shear strains 
(10- “%); and om’ = the mean effective e confining pressure, in pounds per square © 

“foot. The mean effective confining pressure was computed using the results 

_ from the static FEM analysis. The average K,/K,,,,, teduction curve for 

_ cohesionless soils reported in Ref. 12 was used in the analyses. The parameter 
meine .—The maximum horizontal displacement obtained from the August | — 
USGS crest displacement time history, is 0.6 in. (15 mm). Using 750 ft (230 


_ 'm) as the height of the maximum section of the dam, a maximum shear strain 
of 6.7 x 10 *% is computed. An effective shear strain of 4.3 x 10° % is ‘ 

- obtained by using 0.65 as an averaging factor. Assuming that this is the effective | 
shear strain that would be computed by the dynamic FEM analysis, a — 

s | a of 0.8 is found using the | average | reduction curve. With this 
S for K wT a value of 320 for K,,,,, Was found to ‘correspond to = 


natural period of 0.8 sec by solution of the eigenvalue problem. ad 
_ As the natural period sought was 1.0 sec due to three-dimensional effect, 
a Kaw value of 205 was computed, by inverse proportion. This value for 
is representative of the Oroville Dam shell material. te 


&g 
| 


a model gradation of Oroville shell material indicated a K,, ie _ of 140. The model 
_ gradation limited the maximum particle size to 2 in. (50 mm). PP Pe 
in view of the available data reported in the literature, shown in Fig. 7, 
; a K sma, Value of 205 appears to be a reasonable value for the Oroville shell 


2max 


x. of 205 is representative of the shell material in 
Dam. The K ymax Value of 320 is only useful for analyses of the maximum 


section of Oroville Dam he two-dimensional techniques to simulate the actual 


220 


Dense sand and sandy gravel 
(Southern California) 


“3 De Dense sand and grave! 


‘ AIG. —Moduli Determinations for Gravelly Soils 


- three-dimensional behavior. The use of a K 3.,, oma, Value of 320 in a two-dimensional — 
analysis will simulate the actual three-dimensional accelerations and displacements 
by artificially stiffening the material. Stiffening the material in this manner results 
in stresses which are too high, because the strengthening effect of the third a 
i? dimension is not modeled in the analysis. So that for a proper stress analysis | 4 


2max *” 


‘The validity of the parameters determined by the methods described was 
determined by check analyses using the acceleration Tecords of the ee 


27 and August | events. 


Results by Wong (17) from strain controlled cvclic triaxial tests conduct 
i 
| 
= | 

ee 


= 


b 


q 
| 


| 


ov. 


8 —Observed end Compuned Acceleration Histories, September 7, 1975: 


SRS 
| 
— 
| 


served Accelerations 


‘8 4.4 Accelerometer IL Elevation 680 


CELERATION (G) 


0. 


(G) 


Lx ATION 


0,08 


0.12 


0.08 


fall iL Ad | 


2.50 3.00 3.50 


wet. 


9.—Observed and Computed Acceleration Time Histories, September 27, 1975: 
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oF OsserveD AND Comune Motions. 


~ September 27 Event. —The bedrock motion of the September 27 event recorded 


The computed and observed acceleration time histories for crest 


3 Accelerometer 1L Elevation 680 


September 27 Event 
Damping 
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1975: Slovetien 680 and Crest 


agreement between the acceleration time histories for Elevation 680 is not as 
a - however. Response spectra of these time histories are shown in Fig. 10. 7 
At Elevation 680 the model underestimates the motions in the 0.05 sec range. 
_ For periods greater than 0.05 sec, the model favorably predicts the = 
response spectra. For the crest of the dam, favorable agreement is shown between | 
_ observed and computed response spectra particularly in the 0.05 sec range. : 
Deviations between response spectra for both the crest and Elevation 680 occur 
for - periods in excess of 0.4 sec. These deviations are primarily due | to the 

> <7 27 event lacking significant motions with periods in excess of 0.4 
sec. The acceleration time histories were integrated to obtain displacement time 
histories as ‘shown in Fig. 11. The maximum displacement — of the cbesrved 


nodal points 4 and 83 (Elev. in the F mesh correspond tothe location 
q 
7 is shown between the acceleration time histories for the crest of the dam. The ; _ 
4 
bsponse Spectra, September, 27, 
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“4 FIG. 11 —Observed ‘and Computed Displacement Time | History, September 27, 1975 
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FIG. 12.—Observed and Computed Crest and Bedrock Time 
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strain of 7.2 x 1074 %. This shear strain in turn corresponds to a K,/K rm, tes! : 
ratio of 0.92 to which the linear equivalent method iterated. 
August 1 Event. —The August | recorded bedrock motion was used for input | 
_ dynamic FEM model with some reservation due to the following: (1) The 
_ bedrock motion was recorded 1.5 miles (2.4 km) away from the toe of the 
_ dam with an elevation difference of 900 ft (275 m); (2) a 9° difference in orientation 
between the longitudinal components of the crest and bedrock 
Ny 
The between the computed and observed crest response is shown 
12 —= with the bedrock motion. Similar comparisons of gg 7 


Accelerometer 4. (Crest 
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FIG. 13 .—Acceleration, Velocity and Spectra. 1, » 


to ‘oscillate with two distinct periods. The first period of 0.15 sec is not peer! 
in the response spectra « of the observed crest motion. This is expected since 
the observed crest motion has the first 2.5 sec missing where the high frequency 
motions would have occurred. The second period shown on the response spectra 
eS of the observed motion occurs at 0.75 sec which corresponds to the observed 
predominant period of 0. 8 sec. The linear equivalent in the September 


The favorable comparisons the computed and observed 
time histories response spectra and induced shear strains gives validity 
7 = of stress for the August | event were also marred by a gap due 7 
to the | power loss. Before the gap, a peak dynamic s stress | of 23 psi (190 kPa) 
; was recorded by y cell No. 5, the other stress cells showed \ very minor fluctuations. bs 


| 
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1981 
During the September 27 event a maximum stress of 9 psi (60 kPa) was pe ren fl 


by cell No. 5. The ‘recorded stresses” were too small for any meaningfull 


comparisons with computed stresses. The computed stresses for the September _ 
were on the order of 6 psi (40 kPa)-9 psi(60 kPa), 
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FIG. 14. _—Observed and Time History, 1978: ‘Cent’ 
- Pore-pressure cell No. | registered a maximum pressure increase of 13 psi 
(0 kPa) which was dissipated during the 6-sec gap. Pore-j -pressure cells 4, 5, 
and 6 also showed a minor fluctuation on the order of 2 psi (15 kPa)-5 _ 


-Fortuitously, the crest monuments were surveyed a couple of weeks prior | 


| | 
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had settled 0. 4 in. (10 mm). An attempt was made to duplicate this saliidieies 
it the FEM model. Two static ‘‘gravity turn-on’’ FEM analyses were made > 
using the computed n nothies at small shear strains (10~ *%) and the elastic modulus 
at the ; average induced shear strain caused by the August | earthquake. = 
‘difference between the two analyses in displacement of the crest was taken ‘s 
as the settlement induced by the earthquake. A permanent displacement of _ 
0.5 in. (15 mm) was determined in this manner which compares favorably with 
_ the measured settlement of 0.4 in. (10 mm). This method of computing permanent 
settlement assumes t that the settlement is due to gravity loads of the structur 
he a ting ‘upon a re reduced elastic modulus. This reduction of elastic modulus i 
of the induced strain caused by the 


the model “employed characteristics observed during seismic activity 


which occurred within close proximity to the dam. In addition to observed 
dynamic characteristics, the static stress distribution computed was used as Sa 
a zs _ input to the model. The computed static stresses were compared to the static | . 

- stresses measured by cells located in the downstream shell of the dam. ‘The ‘fa 


comparison showed good agreement between ‘mostly all of the stress. components. 
By observation of the natural period of the dam and use of the linear equivalent e. 
ct method the shear modulus of the shell materials was determined. These materials 
were artificially stiffened by increasing the shear modulus which allowed =~ 
| two-dimensional model to simulate a three-dimensional behavior. From the =eb 
; agreement between the observed and computed motions produced byt two seismic 
events it can be concluded that the model is ee. o~ 
= _ The writer wishes to acknowledge the support : dating the course of this study _ a 


of his good friends and colleagues William J. . Bennett, Rashid Ahmad, Emil 
Calzascia, and E. W. Stroppini, who gave ‘the writer the time ‘and freedom 


to develop the ers to conduct t these typ 
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following symbols. are used in this p paper: 

| gate _ shear modulus at small strains; ns; 


= modulus number; 


d 
— 
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ii ‘node point acceleration; a 
= natural circular frequency; 
‘input acceleration time 
= unit weight; ANIC 
mean effective Pressure: rite } 
major principle stress; 
minor principle stress; a 
friction angle. 
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UnbRAINED SETTLEMENT ¢ OF 


Whena a load is rapidly applied over a limited area above a clay layer, 9 rer 


shear deformations occur, giving rise to initial undrained settlements. Techniques 
for predicting initial settlements based on elastic theory a are available. However, is 


$0 explicit prediction of initial bem akg is often 1 not performed during design. a 

Subsequent undrained creep movements under constant load can cause additional 
undrained settlement; but routine predictive techniques for these movements 

not readily available, and creep settlements are only rarely considered 

_ initial settlements or continuing undrained creep movements, or both, resulted — 
in substantial settlement in addition to that due to consolidation. With these — 
types of soil, such settlements can represent a major design consideration. The ‘ 
paper recommends on approximate method for estimating initial settlement and 
discusses ways in \ which the potential for large, undrained initial and creep 


"settlements can be ‘recognized and accounted for in design practice. bole 


a When ; a load is rapidly applied over a limited area above : a clay soil ebeat, 
the shear stresses induced in the clay cause lateral deformation of the soil z 

o resulting i in settlement. This settlement is ; commonly. considered an instantaneous _ 
4 response to the applied loading, therefore, occurring under undrained conditions ’ 


- Prediction of initial settlement is —t performed using a model ae 
from, elastic theory and having the form 


bi ' Program Mgr., Soils and Foundation Engrg., Dames and Moore, Burlington, Mass. 
? Prof. of Civ. Engrg., Massachusetts Inst. of Tech., Cambridge, Mass. 
“4 _ Note.—Discussion open until January 1, 1982. To extend the closing date one month, 
a written request must be filed with the Manager of Technical and Professional Publications, 
7 ASCE. Manuscript was submitted for review for possible publication on September 4, ° 
8 This paper is part of the Journal of the Geotechnical Engineering Division, Proceedings | 7 


of the American Society of Civil — ©ASCE, Vol. 107, No. GTS, August, 1981. 
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in which q= ai stress ; applied to the seiiiianss soil; B = the width of te 
loaded area; J, is an influence factor which depends on the geometry of the 
@: problem; and £.= the undrained Young’s modulus for the soil. This relationship 
_ assumes that the soil is linearly elastic and of infinite strength. When the clay 
is saturated, Poisson’s ratio for undrained loading i is 0.5, , and this value is often 
included in the value of /,. 
Direct 


_ Application of Eq. | requires an eva evaluation « of E, for the clay. 


measurement of E, via laboratory tests is extremely difficult since this parameter = 
is very sensitive to such factors as: the shear stress level and the strain rate; 
_ the degree of sample disturbance, especially with unconsolidated-undrained tests; 
and the consolidation stress and the effects of aging when consolidated-undrained 
tests are used [e.g., Ladd (11)]. The alternative procedure of selecting values : 
based on empirical correlations is, therefore, widely used, generally in the form 7 
_of the normalized parameter E,/c,, in which c, = the vadrained shear strength 
of the clay. Bjerrum (1), for example, suggested that E u/Ce values i in the range - 
of (500-1, 500 were appropriate, with the lower v value applying to very = 
clays subjected to large load increments and the higher limit applying to lean 
_ D’Appolonia, et al. (4) presented an improvement in the estimation of : 
by including an explicit correction for the effects of local overstressing within 7 
the clay deposit. In essence, the elastic component computed via Eq. lis increased 


4 


account for the settlement caused by contained plastic f 


al. also evaluated field values of E,/c, based on 10 case stadies: seven viekded \ 
—E,/e, , of 1,000-2,500 and the remaining three gave values of 800, 400, and 
80-160. Based on these data they concluded that E,/c, of 1, 000-1 ,500 = ; 
appropriate for “lean inorganic clays. of moderate to high sensitivity,” but that 
“considerably lower” values apply to ‘‘highly plastic clays and for organic — 
clays.’’ This latter comment is one of the earliest indications that p, may be 
_ much more significant with plastic and organic clays than with other cohesive 
deposits, which have much higher values of E 
The values of p, obtained using the above prediction method tend to be small 
in comparison to the consolidation settlement p,, at least for soft ground conditions 
a the clay is loaded into the virgin compression range. This is particularly © 
so when the loaded width, B, is several times larger than the clay layer thickness, 
_H, for which the values of J, become very small (Fig. 6). 
‘Also, when a Pp, estimate is 1 made, the conventional -dimensional p. 
Bag enone should logically be modified to incorporate a correction as ; described 
“by Skempton and Bjerrum (19). This correction accounts for the fact that, 
because of the shear Geformations which cause p,, the pore pressure increment 
_ immediately after loading, Au,, is not equal to the vertical stress increment, 
Ao as “assumed in conventional one- -dimensional | computation In all 
cases, except perhaps for a very sensitive soft clay loaded to low factors of — 
safety, this correction will result in values of Au, that are less than Aoc,, with nk 
corresponding reduction in (1). This reduction in np. can for 
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most, if not all, of the estimated p,, especially for cases involving highly — 
overconsolidated clay foundations. Indeed, Seed (17) reported that the estimation 
p, using the conventional one-dimensional procedure “appeared to. give a 
reasonably correct assessment of the ultimate settlement.”” 


_ Thus, in many practical situations, there appears to be little n merit in extending 


dimensional model. This conclusion is reinforced by the frequent uncertainties 
in the computation of P.- These include the distribution of stress increment F 
with depth, idealization of the actual soil | profile, . evaluation of the amount > 
of prestress (overconsolidation) in the clay, the selection of compressibility 
parameters, and the applicability of the assumed one-diemsnional consolidation 
. strains under two- or three-dimensional loading conditions. In most cases the 
range of the p. estimate does not justify modifying the settlement = 
to include the small values of p, typically predicted. chee 


q clay foundations is not truly ‘undrained during typical field loading s situations, : 
as implied above. They suggest that significant pore pressure dissipation usually ; 
occurs during initial loading with all overconsolidated foundation clays, which 
then rapidly reach a normally consolidated state during continued subsequent ; 
loading. In the normally consolidated state, pore pressure dissipation | is iy 

_ Slower. ‘Thus, according to these authors, a truly | undrained | response se develops 
only in those portions of the foundation clay which have become normally 
onsolidated during the latter stages of construction. = 
In addition to the instantaneous undrained settlements, lements, p,, which occur 

~ essentially during loading (and perhaps accompanied by some consolidation | 

settlement as per above), settlement can also occur due t to undrained creep 

of the clay, p.,. As with Pys Por is due to lateral deformation of the clay resulting 
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Time- dependent undrained shear deformations have subject of 
considerable research [e. g., Singh and Mitchell (18) and Mitchell (15)], and 
computer models have been developed [e.g., Edgers et al. (5)] to predict the 

creep behavior of foundations. Determination of appropriate parameter values 
“for use in these models is extremely difficult, however, and they remain primarily 
a research tool. As a practical matter, settlement due to undrained creep is 
rarely evaluated, is probably usually small, and might typically be interpreted = 
_ as being part of the consolidation settlement. In any case, prediction of settlement — 
due to undrained creep is is not part o of a geotechnical design practice. 
reviewed the € general approach used in design regarding undrained 


continue longafterthe load is applied. 


not be presented. All three field studies involved loading organic or r highly 
plastic clays, or both, into the virgin compression range. 4 
Atchafalaya Levees.—In 1965 the U.S. Army Corps of Engineers (New Orleans 


District) constructed three | levee test sections in the Atchafalaya Basin to evaluate — 


alternative levee designs. The test sections were built over existing levees on 
ag approximately 120 ft (37 m) of soft to medium highly y plastic CH clay (plasticity 


from the applied shear stresses in the early stages of consolidation, but it tall 
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‘Fae (13)] is shown in Fig. 1, discontinuities in the strength contours at El. 
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-1.—Atchafalaya Test Section Ill: Plan for Raising Levee Grade [after (8,10)] 


(a) SURFACE SETTLEMENTS (1 ft=0.305 m) 
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FIG. 2. —Atchafalaya Test Section Ill: Typical Settlement and Lateral it 


index, J. , typically 50%-80%). The undrained shear strength, c,, profile through 

| = — 

i 

| 
af 

i 
: oe (7)]. The test section performance has been described and investigated 


‘Foott and Ladd (7,8). Of present interest is the of Test 
IL and III, which experienced large initial settlements and ongoing lateral creep ; 
-movements associated with relatively little dissipation of of excess pore pressure. _ 
_ Fig. 1 shows Test” Section III and the sequence used to construct it to an - 
x a interim gross grade of El. 27. The levee had a nominal design factor of safety a 
of 1.3 and an actual value probably closer to 1.15 [Foott and Ladd, (I. Test 
4 


| 7 Section III was extensively instrumented and selected surface settlement and 


lateral movement data obtained and for one year after are 
| The surface settlement data in Fig. 2a) | show that substantial vii | 
occurred at all locations during the construction period and the earner 
_ year of observation, these settlements ranging up to almost 3 ft (0.9 m) beneath 
; the approximately 10 ft (3 m) of fill that was placed. Of particular interest a 


is the rapid settlement of about 1 ft (0.3 m) which occurreJ at the center line 
plate during agen and i May, , 1965, corresponding to th the ‘Placement: of fill “~_ 


c similar sharp settlement at the 55 ft (17 m) floodwayside (FWS) offset is pacer 
_ in October and November, 1964, this corresponding to placement of fill above | 
: that settlement plate. Also of interest are the lateral deflections of up to 8 
~ in. (200 mm) recorded by May, 1965, the end of construction, and the continuation — 
of these lateral movements through the following ‘months. 
4 Review of the extensive piezometer data presented in ‘Kaufman and Weaver : 
(10) shows that the excess pore pressures generated by the loading experienced _ 
no dissipation immediately after construction. Indeed, in some cases, the pore = d 
_ pressures continued to rise slightly for several weeks after the end of ¢ construction, 
reaching their highest values at approximately the end of June, 1965. Some > 


dissipation did occur subsequently, but more than 80% of the excess pore pressures 
initially generated remained one year after construction. 
It thus appears that the embankment settlements recorded in Fig. 2 ecutein : 
alae component due to initial settlement and subsequent, largely undrained, 
: reep movements, and further that this component is a very significant design 
consideration for embankments on these deposits. writers 
comparisons of predicted and measured lateral definitions. 
Cross River Embankment.—Between 1975 and 1978 a 
ie up to 4.7 m high was constructed across the flood plain of the Cross River 
in Nigeria. The embankment was founded on organic, plastic clay deposits 
_ (CH-OH, I= 25%-50%) up to 30 m in depth. The lower 10 m approximately 
7 of these deposits was medium to stiff and there was a a desiccated surface crust 
4 of 2 m or more (Fig. 3). However, the intervening clay of up to 18 m thickness 
__was generally soft, particularly for the few meters immediately below the surface 
-_ erust. where strengths of 200 psf (10 kPa) and less were measured in some 
of the unconfined compression tests. Field vane strengths were typically 275 ‘ 
psf (13 kPa) or higher for these softer deposits 
_ The design and construction of the Cross River embankment were reported © 
by Foott et al. (6). Present comments are limited to undrained “deformation — 
behavior inferred from observed settlement data for the section of embankment — 
built over a buried loose sand lense, which appears to have been t the natural ’ 


levee of a previous river course, » as | shown i in in Pe. Bers 


| 
q 


_ lense was free- Bence This first construction phase, considered to have an 
initial factor of safety in excess of 1.3, was left in place for approximately 


DIMENSION VARIES, 
BUT COMMONLY 5'TO 6 


with 3 sand drains every wy. 

ive m along the embankment and 


left to consolidate for approx 
SOIL PROFILE imately one yeor 


FIG. 3.—Cross River Embankment Design over Buried Sand Lense 
layer, of clay capable of the final embankment section. The final 
_ section was then constructed by reshaping the first embankment stage and adding» 
stockpiled material (construction stage 2 in Fig. 3). 
es evaluation of the performance of the first construction phase, ® undertaken 
after | yr of consolidation, revealed that: 
: . ie The upper levels of the clay, in which consolidation was aided by the 
buried sand lense one the si cand drains, v was fully consolidated. — Mg 


‘SAND LENSE 


4 


where consolidation was much slower. 

aa The total center line settlements measured during the first constructio 
phase were generally in the range 0.75 m-1.25 m, of which 0.50 m-0.75 m 7 
occurred very quickly during and Shortly after load application, with 


in 1 classical consolidation fashion (Fig. 12 of Ref. 6). 
_ 4, Based on data obtained during additional field vane ‘testing after the I- -yr 
consolidation period, it appeared that the thickness of clay overlying the buried © 
sand lense had been reduced on the of m. 


‘The embankment design for tnis section 1S llustrated in | ig. 9. involved 
an initial construction phase of hydraulically placed sand with three sand drains a 4 a 
| 
q 
— 
ten 
= 
CONSTRUCTION STAGE2 
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SETTLEMENT OF clays we 
.. It thus appears that most of ‘the observed settlement probably occurred in 


the upper clay layer above the sand lense. Since some 2 m of this material _ 
is a stiffer surface crust which should not compress significantly under the 
-_ applied loading, it further appears that much | of the observed settlement occurred 
_ in the remaining 3 m-4 m of soft clay above the sand lense. aM gent cnobtiea? 


(a) GENER: GENERALIZED SOIL F PROFILE Alft= 20.305 
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# 1 2 30 35 40 45 0 5 © 15 20 25 30 35 40 45 50 55 
CENTERLINE SETTLEMENTS DURING WATER TESTS 


Soil Profile ai and Le Load- >ad-Settlement Dat: 


4% Such movements are far too ane to have resulted from consolidation of 
_ this thin layer of soft clay. It might thus be concluded that much of the observed 

Settlement was actually an initial undrained settlement caused by lateral movement 


10 ft COMPACTED SAND AND GRAVEL 
al WATER TEST No. | Pipe: WATER TEST No. 2 — 
sett 
o 
| 
| 


ield study concerns the settlement © 


torage Tanks on Organic Clay.—The third f 
of two 105 ft (32 m) diameter flexible ~r steel storage tanks constructed 
in 1970 on a foundation soil profile that included two layers of organic, plastic 
_ clay, CH- OH, IJ, = 45%, each about 20 ft (6 m) thick, as shown in generalized © a. 
fashion in Fig. 4(a). There were some differences in the soil profiles at each 
_ tank, the Tank No. 2 profile having a somewhat greater thickness of clay ar and ae 
- including a a thin peat layer under part of the tank. The average undrained strength 
of the upper clay layer shown in Fig. 4(a) was approximately 600 psf (30 kPa) 
and the strength of the was 1,000 psf (50 The 


the conventional one-dimensional procedure, while the excessively conservative _ 
= of zero prestress for the foundation clays increases this settlement 


Fig. 5(b) the center line s recorded for these tanks 


No. 2 experiencing a further nadine 2. 0. 75 ft (0.23 m) center line esettement 
over a 3-yr period. During this time the average load was about 1,200 psf (57.5 
Be 4s and peak loads were only rarely and briefly in excess of 1,800 psf (86. 20 
kPa), with a maximum of about 2,100 psf (100 kPa). When Tank No. 2 was 
_ subsequently loaded to about 2,400 psf (115 kPa) for two to three months, 
it underwent approximately 0.25 ft (0.08 m) additional center line 
+ These in-service settlements are mainly attributed to consolidation. The fact — 
hat consolidation was still occurring under these relatively low loads, plus the 
_ large magnitude of the water test settlements, demonstrate clearly thata seieteatial 
portion of the observed water test settlements was due to undrained shear — 
deformations, both initial and creep. The amount of undrained settlement cannot 
* accurately established, but it appears that well in excess of 2 ft (0.6 m) 
of center line ‘Settlement during and water testing of Tank No. 2 could be due 
a Of particular | interest are the high factors of safety at which these large initial — J 
_and creep settlements occurred. With a factor of safety of 1.5 at a 3,300 psf — . 
7 (158 kPa) loading, the 40 ft (12.2 m) maximum water loading [2,500 psf (120° _ 
kPa) during the first test of Tank No. 2 represents a factor of safety of 2. _ 7 
_ while the factor of safety for the intermediate loading of approximately 25 _ 
: ft (7.6 m) of water [1,550 psf (75 kPa)] during this first test increases to slightly 
over 3.0. Nevertheless, large initial settlements probably occurred at he " 
‘relatively low loadings, judging from the large settlements shown in Fig. 4(b). 7 
Also worthy of note is the fact that the measured long-term settlement behavior 
of a nearby, heavily loaded tank demonstrated that when consolidation =~ 
finally completed, further in-service tan settlements essentially stopped. 
therefore, appears that large settlements due to undrained shear pe ei : 
both initial and creep, would cease being a problem once the foundation _— . 


_ 
rs height of 53 ft (16.2 m), and the initial factor of safety of the tanks under — 
* full load was estimated at approximately 1.5. With an assumed prestress of 
< | 
i / 
q 
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of the Atchafalaya. Levee test si sections and the s storage initial ‘settlements 
- continuing settlement due to undrained lateral creep probably were of the 


same order of magnitude as the consolidation settlement which would occur — 
4 under the applied loads. Continued shear deformation due to lateral creep is 
; clearly evident for the Atchafalaya Levees from the inclinometer data and c 
| “* be presumed, but not positively y proven, for the storage | tanks. It does not app 
to have been a major factor with the Cross River embankment, probably because _ 
the upper layer of clay, in which the initial settlement en mainly occurred, 


Thus, it is apparent that for the three field cases described, the normal situation - 
is small compared to | does ‘not apply. In all cases, prediction 
Pe p. does not apply. In all cases, prediction of p, using even the lower-bound _ 
--value of E,,/c, = 500, suggested by Bjerrum (1), would greatly underestimate _ 
~ initial settlements which occurred. Furthermore, unless the soils consolidated 
3 - fairly rapidly, it appears that continuing creep deformations can lead to substantial 


on _ These three soils therefore seem to present a special design problem which — 
‘requires considerations beyond the « conventional design practice discussed pre- 

_ viously. Even allowing for the effects of local overstressing using the D’ Appolonia 

et al. (4) approach, it is necessary for the soils to have extremely low values 
of E,,/c,, in order to explain the large initial settlements.§ = = 

_ The foundation soils involved in these three cases exhibiting cmnensitly large y 
undrained shear « deformations all had a high plasticity index and, to varying % 
degrees, contained organic matter. A soil combining high plasticity and a large | 
organic content might, therefore, be particularly susceptible to such movements. | 
Accordingly, with designs involving loadings on plastic and organic soils, it 
is appropriate to carefully consider the possibility that large undrained shear 
_deformations may occur in addition ¢ to the consolidation 


PREDICTION OF INITIAL SerrLemenT 


method of Predicting initial based on elastic theory presented 


a for the effects of initial stress and ‘shear pon level in the 
aieeinden clay. As noted earlier, their 1971 paper suggested that the required © 
value of E,, be selected based on empirical correlation with E,/c.. Since that 
time, further research at MIT (Ladd et al. (14)] has indicated that an approximate = 
value of E, can be obtained from K consolidated- undrained, | ‘direct 
simple shear (DSS) tests run on samples of the soil reconsolidated using the 
SHAN SEP procedure [Ladd and Foott (13)] to reduce sample disturbance effects 
(excluding highly sensitive and naturally cemented soils that have very high | 
£ u/Cy values and are not ammenable to the SHANSEP approach). The following» : 
data to the D’ Appolonia et al. (4) procedure for field situations ‘involving loading 4 


‘These field studies demonstrate the existence of undrained settlements mut 
i 


2000 
1000 
Lose 


NGKOK CH CLAY 
a: 65, Ip=4i 


LL*65, Ip= 38 
® AGS CH CLAY 
ia 
I 


PEAT 


1. LADO & EDOERS 
MIT FOR DAMES @ MOORE 

(3)MIT FOR HALEY ALORICH 

(I/FACTOR OF SAFETY) 
APPLIED HORIZONTAL SHEAR STRESS 
re SHEAR 
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I 


the foundation clay beyond its past 
prediction involves four steps: 
1 Select a a value for E., ‘ideally tests run SHANSEP 
_ reconsolidation procedure and selected using an applied shear stress ratio equal 
to the reciprocal of the stability factor of safety for the loading. Alternatively, oa 
Fi Fig. 5 gives guidance for selecting a value based on available data for a wide © ts al 
- range of clays. ‘The data in ‘Fig. Sa) are for ‘normally consolidated soils, and = 


Fig. 5(b) shows ‘the trends expected with increasing over- -consolidation | ratio, 


surrace 


| 


4 


of 


(2) FROM POULOS AND DAVIS (1974), FIGURE 5.32 
FIG. 6—Undrained Elastic Settlement Computation for Uniform Loading on Elastic 
2. With the value of E, obtained from Step 1, compute the elastic settlement, — 
De» , using the formula ‘and influence factor chart shown in Fig. 6. 
_ 3. Select a value of the initial shear stress ratio (f) from Fig. 7 : as a function 
4, Select a value of the settlement ratio, S,, from ‘Fig. 8 as a function of — 
applied stress ratio, the geometry of the loading, , and f. 


‘settlement, p,, can then be computed as 


- 
| 


1981, 


te 
= 


that Fig. 8 applies to strip but D’ et (4) indicate 

that it is also reasonably applicable to circular loadings. 

It must be that the above approach is very approximate, particularly 
when the value of E, is selected empirically from Fig. 5 without any DSS" 

_ tests s being performed. The effects o of partial consolidation that may occur within 
overconsolidated deposits during construction are also ignored. “Nevertheless, 
the method should indicate the probable order of magnitude of p, and can 
_ serve to give some warning of situations wherein p, may be a significant — 

SKEMPTON 


| VARVED CLAY |30 (bulk) | 
ME. ORGAN CLAY 
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NOTE: FROM CKoU OR ne 
«STRAIN TESTS. Ka FROM BROOKER AND 
IRELAND (1965) FOR ME. ORGANIC CLAY. 
nitial Shear Ratio Versus OCR [from (1 
1 majority of cases, relatively high values of E should 
apply and p; will be, at most, a few inches. Whenever low values of E,/c, 
are obtained from DSS tests, however, there is a clear warning that significant _ 
p, settlements in relation to p. may occur. This is particularly likely when highly 
plastic soils containing organic materials are encountered. It should be organic 


that an E,/c, value as low as 40 can be backfigured for the plastic organic 


Accountine For UNDRAINED Serruements in DesiGn: whee 
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7 is slow, creep settlements will also tend to be significant. With this concept, 


Yo 


SETTLEMENT OF CL OF CLAYS. 

‘Additional, creep- -induced, undrained settlements cannot be reliably 
"predicted, but a reasonable and probable general concept i is: When initial 
settlements are small, undrained | creep | deformation will also be small; when 
initial settlements are ‘significant but consolidation is rapid, creep settlements - 


_ will tend to be small; and when initial settlements are significant and consolidation 


the engineer can qualitatively consider the potential effect of these settlements 


a, 


0.4 08 


FIG. 8.—Settlement Ratio ‘Versus Applied Stress Ratio for Strip farts on 


yield ; an n adequate ¢ estimate nate of the total ‘settlement that will occur. Therefore, 


is rather to try and detect special c: cases wherein -undrained settlements might a 


Wo become troublesome and to make allowance for potential problems before they | 


Thus in most cases values of E,/ ara of 500 or more will apply and p, being 
be small. Indeed reference to Fig. 5 indicates that even plastic clays nos. . = 
4, 5 usually have values of E w/e, of 200 or higher, for which ben 


J 
ix bsly. most field evid 
{ 
| 
— 
im 
— 
[ 
3 
a values for E,,/c, obtained for soils nos. 6 and 7 and backfigured for the storage ‘ 


be considered a distinct 1 warning ‘that undrained ‘movements may occur ur 
and result in major settlements in addition to p.. This possibility should be 
carefully considered when the soil in question is highly plastic and when it rs 
‘has a significant organic conte. 
When potentially large p, movements are indicated, the first question must - 
be whether the additional settlement is an important design consideration. ‘With 
. embankment, wherein additional fill can be added to compensate — for is 
r may not be (although this might not be true for continuing undrained creep | ' 
maa With other structures the settlement may not be so easily compen- | 
sated for, in which case consideration should be given to the use of precompression | Z 
® that the initial settlement and some consolidation se settlement will occur before 
final structure is placed on the foundation. 
pe Assuming that the p, settlements can be accommodated in some way, the | 
= step is to ae a the possible consequences of undrained creep movements, 
Pers With large p,, significant p., should be expected unless the foundation as 
soils consclidate fairly rapidly. Creep susceptibility of the soil might be estimated 
to some extent by ‘Tunning laboratory tests ; and comparing the data obtained © 
to published creep parameter values [e.g., Mitchell (15)] and associated observed — 
soil behavior, although such an approach would still be in the realm of research 
[Edgers et al. (5)]. Also the behavior of prior structures on the same Geposits : 
may give excellent guidance. In general, however, it appears that very low 
modulus soils tend to be quite highly creep susceptible. The safest way of 
preventing substantial creep-induced settlements is that the clay, 


consolidates quite rapidly, thus i increasing its stiffness and decreasing the shear a 


stress levels in the foundation clay. If necessary, the installation of él 


to anit lateral movements, , Should b be considered. 


tion, , allowing ‘stiffening of the ates soils through consolidation before addin 
the next load increment. This will reduce both the p, and p., components of 
settlement below the values that would occur with immediate full loading. 

_ However, the soil’s modulus may be so low that even these reduced undrained | 
settlements are large enough t to bea a significant problem. 


AND 
For soft ground loading conditions (i.e., clay foundations loaded into Pod 
virgin compression range), the conventional practice of computing consolidation 
settlements using the one-diemsnional model, without explicit computation of 
settlement, will generally yield total settlement estimates s of “sufficient 
2. Initial settlements due to  undrained shear deformations are usually small 
and for practical purposes can often be assumed to be included in the consolidation _ 

4 settlements computed above. However, the three field studies presented herein © 
show that initial s settlements may become very "significant with highly plastic 
or organic foundation soils, or both, especially when loaded to » low stability * 

factors of safety, and may even become the predominant design consideration. 


The occurrence of large initial settlements may also be followed by excessive 


j 
| 
&g 
| 
| 
| | | 


SETTLEMENT OF CLAYS 
undrained creep movements if consolidation occurs very 
a 3. Approximate predictions of initial settlements can be made using the method 
(of D’Appolonia et al . (4), with modulus values selected from direct simple 
_ shear “tests or estimated using Fig. 5. These predictions, plus consideration of - 
soil type ype and consolidation time, should indicate cases where initial and creep-in- | is 
_ duced settlements could be a significant design problem. 


“a 4. In such cases, the effect of the initial settlement on the structure should 
be evaluated and the possible effects of creep-induced settlements considered. / 
5 The effect of initial ey on the ‘structure can | in be | reduced by precom- 


‘consolidation to | increase the - soil prem: onl reduce the shear ‘stress level 7 
in the foundation. The adverse effects of creep settlements sey can be re be reduced 


Bjerrum, “Embankment on Soft Ground,” Proceedings, ASCE Special Conference 
on Performance of Earth and Earth Supported Structures, Purdue University, American — 
Society of Civil Engineers, Vol. 2, 1972, pp. 1-54. 
. Brooker, E. W., and Ireland, H. O., “Earth Pressures at Rest Related to Stress 
_ History,”’ Canadian Geotechnical Journal, Vol. 2, No. 1, 1965, pp. 1- Cae 
. Dames and Moore, “‘Atlantic Generating Station; Engineering Properties of Foundation 
Soils,’’ AGS-PSAR Amendment 19, June, 1975. 
. D’Appolonia, D. J., Poulos, H. G., and Ladd, 4 C., “Initial Settlement of Structures _ 
on Clay,”’ Journal of the Soil Mechanics and Foundation Division, ASCE, Vol. ~ 
5. Edgers, L., Ladd, C. C., and Christian, | J. T., “‘Undrained Creep of Atchafalaya 
Levee Foundation Clays,”’ Research Report R73-16, Dept. of Civ. Civ. Engrg., Massachu- 
setts Inst. of Tech., Cambridge, Mass., 1973, 600 pp. 
6. Foott, R., Devecseri, D., Aneke, C.N., Jackson, J. O., and Ladd, ‘Embankments = 
“a Through Cross River Swamp,” Journal of the Geotechnical Engineering Division, ASCE, J 7 
106, No. GT3, 1980, Pp. cy & 
. Foott, R., and Ladd, C. C. ., “The Behavior of Atchafalaya Test Embankments During 
~” Construction, ”* Research Report R73-27, Soils Publication 322, Dept. of Civ. Engrg., * 
Massachusetts Inst. of Tech., Cambridge, Mass., 1973, 364 p. — 
_ 8. Foott, R., and Ladd, C. C., “Behavior of Atchafalaya Levees during Construction,’ 
- 9. Fuleihan, N. F., and Ladd, C. C., “Design and Performance of Atchafalaya Flood 
Control Levees,” Research Report 'R76-24, Order No. 543, Dept. of Civ. Engr 
Massachusetts Inst. of Tech., Cambridge, Mass., 1976, 753 p. 
“10. Kaufman, R. I., and Weaver, F. J., “Stability of Atchafalaya Levees,” Journal of 
the Soils Mechanics a and Foundation Division, ASCE, Vol. 93, No. SM4, 1967, pp — 
IL. Ladd, C. C., “Stress-Strain Modulus of Clay from Undrained Triaxial 
of the Soil Mechanics and Foundation Division, ASCE, Vol. 9, No. SMS5, 1964, 
12. Ladd, C. C., and Edgers, L., ‘‘Consolidated-Undrained Direct Simple Shear Tests 
on Saturated Clays,”’ Research Report R72-83, No. 284, Dept. of Civil Engrg., 
Massachusetts Inst. of Tech., Cambridge, Mass., 1972, 243 p. 
* Ladd, C. C., and Foott, R., “‘New Design Procedure for Stability of Soft Clays,” 
_ Journal of the Geotechnical Engineering Division, ASCE, Vol. - 100, No. GT7, 1974, i 
14. Ladd, C. C., Foott, R., Ishihara, K., Schlosser, F., and Poulos, H. G. , “Stress 
ad Deformation and Strength Characteristics, ” State of the Art Report, Session I, IX — : 
=? ICSMFE, Tokyo, ‘Vol. 2, 1977, PP- 421-494, 


a; 
2 
| 
| 
a 
{ 
| 
| 
— 
i . 
q 
| 


AUGUST 1981 


York, N.Y., 1976, 422 p. Sol Bair, J 
16. Poulos, H. G., and Davis, E 
: 7. Seed, H. B., “‘Settlement Analyses, A Review of No. Theory and Testing Procedures, ta 
"Journal of the Soil } Mechanics and Foundation Division, ASCE, Vol. 91, No. SM2, 
18. Singh, A.. and Mitchell, K., “General Stress-Strain-Time Panetien for Soils,” 
. aa oy the Soil Mechanics and Foundation Division, ASCE, Vol. 94, No. SMI, 
19. Skempton, A. W., and Bjerrum, L., ““A Contribution to the Settlement Analysis 
of Foundations on Clay,”’ Geotechnique, Vol. 7, No. 4, 1957, pp. 168-178. 
i. 20. Skempton, A. W., and Sowa, V. A., ‘“‘The Behavior of Saturated Clays During Sampling 
and Testing,” Geotechnique, Vol. 13, No. 4, 1963, pp. 269-290. 
21. Tavenas, F., and Leroueil, S. ‘The Behaviour of Embankments on 
Canadian Geotechnical Journal, Vol. 17, pp. 236- 260. 


wy, 


ore 


x consolidated- undrained shear 


"plasticity index; 
coefficient of earth pressure at at rest; 
-overconsolidation 
foundation stress; 
ultimate bearing — 
settlement ratio; 
sensitivity; 
pore pressure increment immediately after ‘loading; — , 
vertical stress increment; 
- initial settlement (due to undrained shear ear deformation); 
elastic settlement; 
vertical stress; 
maximum past pressure; en 
hol in-situ vertical consolidation stress; and 


= horizontal shear stress in DSS test. 
‘ 


width of loaded ar 
ms 
“= 


+ 
SussecteD TO ION | 


torsional stiffness of a pile embedded in soil is ‘subject which has as 
_ received little attention in the past. However, any pile foundation | which is 
loaded laterally is liable to undergo some degree of torsion due to eccentricity 


of the applied load. Similarly, a rigorous static or dynamic analysis of a structure 
_ founded on piles will require ry ta ys of the torsional stiffness of the foundation, 


yields values of shear sedition for the soil which are in good agreement with — 
those deduced from axial load tests (Poulos,4), 
- _ Using a numerical method of analysis, based on integral equation wehelgion, 
‘Poulos (4) presented charts of torsional flexibility of piles as a function s 


pile geometry and relative stiffness. In the present paper, an analysis is developed, 
z on a simple assumption concerning the stress field around a pile undergoing a 
torsion, which leads to closed-form solutions for the torsional stiffness of a_ 
pile. Separate solutions are presented for oe case of homogeneous soil (i. e., 


to depth. It is shown how these separate solutions 1 may be combined to cover 
more variations of the soil stiffness with 


section of this a this approach i: is illustrated d by a or of the: results 
7, 
from torsion tests on full-scale piles. ae —— 


In polar co- ~ondinetes (Fig. 1), , the equilibrium equation in the circumferential 
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' torsional load tests on piles are often simpler and more economic to perform  &§ 
q 
| 


_ From symmetry, there can be no variation of stress or displacement in the 
7 circumferential direction. Thus, the first term in Eq. 1 must be zero. If the — a F 
assumption is made that the magnitude of t_, is negligible compared to t,, (the | 


‘imposed’ by torsion of the then Eq. | be 


On integration, ‘the variation © of shear stress away from the pile 1 may be written 


T 


in which the subscript, 0, denotes conditions at the pile shaft. cae ° 


Aur 


FIG. 1 1 —Circumferential Equilibrium o' of Glement iw 
Turning to the strain field around the pile, the shear strain, Yee: sul - 


in which G = the shear modulus of the soil; u = ‘the radial soil movement; 
v = the circumferential movement. Since the term, will be 


symmetry), Eqs. 3 and 4 may be combined to 


&g 
| 
5 
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T, represents the value of at the pile shaft). die 
Eq. 6 may be used to deduce the torque per unit length needed to rotate — 
an infinitely long rigid pile by 2 an angle, o. ‘Thus, for a length A/ of pile, the 


AT is given 6 [Eq Far low elect 
whence 41 AT/Al = = result previously noted by Booker (see Poulos, 
‘should be noted ‘that Eq. 6 has been derived solely on the assumption 
that 7,9 (the shear stress in the circumferential direction between horizontal 
_ layers of soil) is small compared to the imposed shear stress, t,,. This assumption | 
if strictly true for a long rigid pile and is considered to be reasonable for piles 
of practical lengths and stiffnesses. siftubom teade stig sd) Te 
a... ora pile of finite length, the pile base will contribute to the torsional stiffness 
of the pile. The contribution of the base may be estimated from the known 
_ solution for the torsional stiffness of a rigid punch of radius, a, on the surface 
of a homogeneous elastic half-space with shear modulus, G. The stiffness Of 
the punch is given vis Yo 


< 


Although the pile base is not at the surface, the soil above ‘the level of the 
base is already undergoing torsion due to the twisting on the pile shaft. Thus, __ 
the torsional stiffness of the pile base may be estimated from Eq. 8 with reasonable 
For a rigid pile, . the overall torsional stiffness may now be estimated by 
Eqs. 7 and 8 to. give, for a pile of length, 


at 


This result will be even more pronounced when the pile eee ag is taken 


In practical situations, the flexibility of the pile will lead to a gradual reduction © 
in the angle of twist, 6, down the length of the pile. ‘The variation of with 
, Zz, may be deduced by considering the between torque, 


Q’ Neill, 


the 
: 
| 
ap 
4 


Also, the | torque carried by ‘the | pile shaft will reduce with depth a: as ; shear st stress . 


that the variation of with depth, z, is such that i is ‘still 


small compared with Eq. 6 is still valid and may be combined with 


GJ (GJ), TER 
"This unite may tig written more simply by introducing an equivalent shear 


_ modulus of the pile, G, ban: shear modulus of ae solid an of the same sotenel 


G,= ean 2 (13) 


‘The quantity, . is thus the stiffness ratio of an equivalent solid pile to the 


12 now reduces to 


a’ which hes a solution in terms of hyperbolic functions of the form — 


o=A cosh +B sinh (uz) 

which p* = 8/r2 The boundary conditions which enable the constants 


A and B to be found are —* at aes pile bi base, in which | a 


$s into Eq. 16 leads eventuallyto 8 


in which the ‘subscript, t, denotes conditions at the top of the pile. The quantity, — 


| 
/ 
| 
\a/,.. 
Substitution of these boun 
| 
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= 


Fig. 2 the torsional stiffness ), gives Ea. 18, 
plotted against stiffness ratio, A. For stiff piles (high A or low //r,), »/ tends 
to zero and the ratio, tanh (y/)/p/, tends to unity. Eq. 18 then reduces to _ 
& the result obtained previously for a rigid pile [Eq. (9)]. For low values of 
or slenderness 1 Tatio, ray ta tanh tends to and it be shown 


2 = 4 
Grod, 

_ This expression is independent of the length of ‘the pile. Thus, 7" flexible 
piles, the torsional stiffness is apeaten on the shear modulus of the . 


- 


FIG. 2.—Torsional Stiffness Factor for Homogeneous Soil 


and of the ratio, being proportional to geometric 


"Similarly, rigid must be s than one eighth of this critical value 
_ order for Eq. 9 to apply. In practice, most piles (as opposed to piers) will . 
behave as flexible piles under torsion (i.e., as if they were infinitely long). 
For such piles, Eqs. 10 and 14 imply that the torque (and t the angle of twist, | 

) decay exponentially down the pile according to T = : T, e” ~“* (see O'Neill, a 


a 
_ 
| 
| 
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Before turning to the case of piles embedded in soil with shear modulus _ 
t ‘bela to depth, it is of interest to note the direct analogy between a 
 eaiyied solution developed here for torsion loading, and that vy 
Randolph and Wroth (6) for axial loading. In both cases, the solutions have 
' been developed by considering the load transfer down the pile shaft separately _ 
from that at the pile base. The similarity in the | form of the final ‘expressions: 
Eq. 41 of Randolph and Wroth (6)] is particularly striking. “his ‘ 


Son SHEAR Moou.us us Propormionat To TO Depts 
' _ Many ny natural deposits of soil, such as sand or soft clay, have a stiffness 


profile which increases proportionally with depth. In order to extend the previous 
‘Solution to to such — consider a shear modulus lus given ee 
a It is often more iadionone, analytically, to consider the quantity, Mra, which 
_ is the rate of increase of shear modulus with each pile radius of depth, than 


For a rigid pile of length, the torque transferred at the » base. 


in which G,_, = ml = mr 
The torque ‘transferred down the pile shaft 


in which G= = = average erage shear mo modulus = = a ee 


+20 


4 


bh ie case re a flexible pile, the differential equation governing the angular 77 
4 nwhich A’ = 
~ Solution of this equation is ne in terms of ‘Airy functions (Abramowitz ; 
Stegun, 1), and may be in the form of an infinite series: 


mri 


+—+ 


4 
| 


Applying the given by Eq. 23, “the t term (do »/ may 
found in terms of This enbales the torsional stiffness, T,/,, to 
calculated. The nondimensionalized stiffness , T,/(mrpo,), is plotted against 
stiffness ratio, \’, in Fig 3 for various values of I/ry. The general — 
is similar to that for piles in homogeneous soil, with | a limiting solution, — 


piles w which behave as though they were infinitely long, given by 


“For short, or very stiff xr the condition for Eq. 25 (the vchliti for a rigid 


pile) to apply is we hod slenderness ratio is less than a quarter of the critical 
value given by Eq can 


results obtained using numerical analysis by Poulos (4). In general, excellent — 
agreement is observed over the range of slenderness ratios and stiffness ratios 
covered. In particular, Poulos (4) points out that most piles in practice behave 
as” infinitely long piles, where the torsional stiffness isa function of the pile 
and soil stiffness, but independent of the length of the pile. ‘The s solutions here 
corroborate that finding, allowing the torsional stiffness to be calculated simply, 


Exrension To More Generat Son Conomions 

two preceding sections developed e for the 


| 
1101 4 
— 
‘ 
“Sere 
_ The critical slenderness ratio at which piles behave as if they were infinitely — 
— may be estimated from Fis tog 
| 
| 
i __ The analytical solutions for the torsional stiffness of piles in homogenec 
in with i ne iong ma al. Omnared with - 
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piles in either soil, or soil where the stiffeces is proportional 
to depth. In many situations, the soil stiffness will vary with depth in a more 
complex manner than these two idealizations. It is thus necessary to be able 
to estimate the torsional stiffness of a pile for more general soil conditions. 
__ The problem of 3 a rigid pile is straightforward, since Eqs. 23 and 24 may 
_ in which G = the average shear oo of the soil over the depth of cnt 


. At the other | extreme, it would be helpful to be able to estimate e the Length 


estimate of on slenderness ratio would seem | to 4 


in which = the: shear modulus at the critical depth (i. at the lower end 
of the active part of the pile). For the case of soil stiffness proportional to 
depth, the quantity is given by mr o(l/ro)e- Substitution of this into Eq. 


g 


6, \"" 
)- 
_ This result is identical to that proposed sniiaitile (Eq. 29) which gives some > 7 


en in the use of Eq. 31 for nonhomogeneous soil conditions. For 


4 


given profile of shear ‘modulus with depth, some iteration will be necessary 
in calculating G, and (//r,). since the two quantities are interrelated. The point 
- is illustrated in the example given at the end of this section, 
In order to estimate the torsional stiffness « of & long pile in nonhomogeneous 
‘soil, it would seem appropriate to use Eq. 20, with G replaced by G., and 


with suitable modification to allow for the variation of G over the active ‘length ' 


of pile. the Proposed expression is 24! tT 


44! 


of pile (0 = ap =, Way, For the case of soil stiffness proportional to sme, 


= mro(l/ro), and G/G, = 0.5. Eq. 34 thus reduces 
This + expression agrees with that previously obtained (Eq. 28) within 3%. Thus, 


| 
| 
a | 


‘for the extreme case e of soil stiffness proportional t to depth. 

_ The application of Eqs. 31 and 34 may be illustrated by an example calculation. — 
—- a tubular steel pile, 0.355 m (1.16 ft) in diameter, 16 mm (0.63-in.) 

wall thickness embedded to a depth of 10 m (32. 8 ft) in soil with stiffness x 


3zMN/m2?(zin meters) [G = 1,160 + 133zpsi(zin feet)] . . . . (36) 
‘The equivalent s cheer modulus of the pile be calculated id as 


in which » i, - the internal radius of the pile. In parte to calculate - assume e 
the critical length of pile is 8 m (26.2 ft). This gives G. = 32 MN /m? (4,600 
psi) and a calculated (//r,). of 28.2, leading to a revised critical length of 

5 m (16.4 ft). Repeating the iteration leads eventually ted 

( 


= 31.9, G. = = 250M MN/m? 3.62 620 pas ai Yo G8) 
er 


r 


> ‘Thus, the torsional stiffness of the pile may be estimated as nseyemed! a: aye . 


1 x 10° kNm/rad (9,660 wipe 


(40) 
ta While consideration has been given in we preceding to variations of shear © 
_ modulus, -G, with depth z, in certain cases, the effect of radial variation of . 
a manner similar to that. proposed for ‘axially loaded piles (Randolph and Wroth, 
6) by retaining the shear modulus, G, inside the integration when proceeding 
from Eq. 5 to Eq. 6. Thereafter, a modified form of Eq. 6 may be = 
relating the angle of twist of the pile shaft, , to the interface shear stress — 


piles assuming the soil to deform in an elastic or pseudo- -elastic manner. In ia 
practice, as the pile is twisted, the | shear stress on the pile- -soil interface will 

reach a limiting value, Ty, corresponding to the available shaft adhesion. The : 


R PI >) 
TORSION SUBJECTED PLES 1003 
‘ 7 for piles which behave as infinitely long, embedded in nonhomogeneous soil, a ; 
| 
| 
| 
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(it page be noted that this result is strictly applicable only to a an = 


elastic-plastic soil; however, provided a suitable secant shear modulus is taken, 
such as that at 50% of the nae shear stress, the above expression will give 
For rigid or stiff piles, “failure in onbe will occur fairly suddenly as me 
applied turque approaches the limiting value of 


T,= 4 
in | which 7 h 7, = = the average availabe shaft adhesion (ignoring: the ccnariation 


pile over which Ty has been ‘mobilized will propagate gradually down the length 
of the pile. As has been pointed out by O’ Neill and Dutt (2), post-peak reduction 
in the value of the interfacial shear stress (due to continued twisting of the 
pile shaft) may lead to a form of progressive failure whereby the failure n doe 
_ is less than that given by Eq. 42. The mechanism is similar to that proposed 
by Randolph and Wroth (7) for the case of long compressible piles loaded 
Ifa complete stress-strain relationship in simple shear is available for a particular 
‘soil, then Eqs. 10-12 may be used to derive the complete torsional response 
of a pile right up to failure. The approach will be illustrated here for the case _ 
where no strain softening occurs (i.e., in which t, = t, for all = Consider 
/ a pile in homogeneous soil where the full shaft adhesion has been mobilized 
_ down to a depth of z,. At z = z,, the angle of twist is given by Eq. 41 
\s and the torsional stiffness of the lower portion of the pile (in which z,S2 


‘The value of ky may be estimated from Eq. ‘18 by considering the unfailed 


port on of the pile (sz 4% as a new pile, ignoring the effect of soil above 


be: Integrating Eq. 


of twist at the yr head i is given 


at the total torque is aA Bs, 


angle of twist at which this happens may be estimated with reasonable accuracy qe - 
> 
4 

4 

i 
| 
EE 


‘TORSION SUBJECTED PILES 
= current torsional stiffness of the pile nye be obtained from these tw two 


Se, 2k, fz,\ - 


Th 


lo 


x 
; aubsb sved 


é 
_ Corresponding expressions may be derived for the case of soil where the 


Strength (and the stiffness) are to For a distribution bal available 


aaa 


(bom wore inslavinos (48) 


angle of at the pile head, fors a depth of of yield, zy \4 is 


1+ 


in which k; = the torsional stiffness, 7/(mr$¢), of the unyielded portion of — 


af ait) s = 


= As the pile approaches fi aiese i in torsion, the torsional stiffness may be | stiffness may be estimated 


or 


an 


the pile. The total applied torque is ag 


| 
| 
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In most cases, piles will behave in a flexible under ‘torsion 
(ie., > or and the second term in the denominator of Eqs. 
47 and 51 may be ignored. This enables both equations to be simplified to - 
- on the s secant — stiffness of a pile as it approaches failureas 


for the case of soil conditions 


4 


for the case of soil where the Strength and stiffness are ve to tnd q 
These results might have been deduced from of 


Application of the preceding analysis will illustrated by the full 
scale load tests reported by Stoll (8). Torsion load tests were conducted on 
two steel pipe piles of 0.273-m (10.75-in.) external diam and 6.3-mm (0.25-in.) 
wall thickness. The piles were back-filled with concrete giving a torsional rigidity 


shear modulus of the pile may may as 
G, = 23.5 x 10?MN/m?(3.4x 10°psi) 


The piles were driven into deposits consisting of layers of soft organic silt 
7 overlying clayey silt, sand, and gravel. Profiles of standard penetration index 
N, given by Stoll (8), show gradually increasing values of N with depth. Of 
the two piles, pile A-3 was ‘driven to 17. 4 m ‘soil 
The other pile, pile V-4, was installed to a total depth of 20.7 m (68 ft). At 


this location the measured N values were close to zero ¢ over the first 2.4 m 


57) 


| The measured torque- -twist behavior of the two piles has been replotted from | 


Stoll (8) in Figs. 4(a) and (b). The initial torsional stiffness of pile A-3 was 
= 20 MN/rad (4,500 kips/rad). From Eq. 28, the wal is 


from which a value of may be calculated, giving mr, = 0. 
. This: corresponds: to a variation: of the shear modulus» of the soil 
4 


= 
4 
| 


age of idegtrsdss Angle of twist ~ ) 

) Pile A 3 


FIG. 4.—Results from Torsional Stow Pile A- 3; 
(b) Pile V- 4 Perey wart 


one 2.4 m (8 ft) of soil resistance. ‘Thus, the torsional 


stiffness of the pile below 2.4m (8 ft) would be 
Ary 


24.3 MN/rad (5,470 kips/rad). . . (60) 
(Tod) 


G= 1.37 zMN/m‘ (z in meters) [60.5 z psi(zinfeet)} ........... (59) 
For pile V-4, the measured initial torsional stiffness was T/ (roo) ~ 15 MN/rad 
(3,400 kips/rad). However, from the profile of N values it may be assumed __ 
a 
{ 
| 
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From Eq. 58, a value of mr, of 0.334 MN/m? (48.5 om may be be calculated. 
The corresponding variation of shear | modulus v 


= 45 4) MN/m? (zi in meters) [108 8) psi (z in ( 
Comparison of Eqs. 59 and 56 and of Eqs. 


~ 


It i is of interest to compare this correlation wim that Proposed when considering : 


‘ (MN may be estimated dby 


this "expression with the Boussinesq solution for the settlement 


a on an elastic half = 


and taking Poisson’s ratio, v, as 0.25, it may be seen that Eq. 63 is consistent _ 


with taking a valueforGofNMN/m*., 


Thus, back- -analysis of the two torsion load tests reported by Stoll (8) has — 


led to values of ‘Shear modulus for the soil which, when correlated with measured 
SPT values, are consistent with correlations proposed for estimating the: settlement 
of raft foundations. This finding gives further support to the conclusions of 
Poulos (4), that analysis of torsion load tests leads to soil parameters which 
~ may be used with some confidence in the Prediction of deformations under 


_ The failure torques of the two piles correspond to mobilized shear forces »* 
of 215 kN (48 kips) for pile A-3, and 382 kN (86 kips) for pile V-4. Assuming 
_ that the shaft adhesion is proportional to depth, these loads correspond to rates < 
of increase of shaft adhesion with depth of 1.66 kN/m* “/m (10.6 psf/ft) fo 
pile A-3, _ and 2.66 kN/m? [16.9 psf/ft, from a depth of 2.4m (8 ft)] for — 
pile V- 4.1 It is possible to use Eq. 49, with z, zy = I, to predict the angle of fg. 
twist, 6, at the head of the pile at the onset of failure. Subsitution of the 
relevant values for n, m, and X’ leads to predictions of @ = 0.027 rad of 
pile A-3, and @ = 0.060 rad for pile V-4 (making due allowance for the top, 
' _unresisted, section of the pile). The first of these values is somewhat lower 
o that suggested i in Fig. 4(a); however, both values offer reasonable guidelines 
for use in 1 design. For example, ‘restricting. the twist at the top of a pile to 
one third of the value calculated from Eqs. 44 or 49 would imply a load factor 
Re Solutions have been p presented, in the form of simple algebraic expressions, 
for response of f cylindrical piles. The solutions have shown 


of width, B, (m), applying a mean pressure, 
4 
i 


TORSION SUBJECTED PILES 
to be in with previously published results obtained by numerical 


, 4 analysis (Poulos, 4). In practice, pile geometries and stiffness ratios are such — 


this situation n, the torsional stiffness, T/, is proportional to root 
a - (for homogeneous soil) or cube root (soil with stiffness proportional to depth) — : 
of the soil stiffness. Thus, the torsional stiffness of a pile is relatively insensitive _ 
to the estimated soil stiffness; for a soil wae the stiffness is proportional — 
depth, an eightfold error in estimating m = dG/dz will a 
= error in the calculated tor torsional stiffness of the pile. 
“' Analysis of full scale torsional loading tests on piles has given values of | 
soil stiffness which are consistent with values which might have been estimated 
from other information on the soil. While this supports the usefulness of the = 
- torsional load test [a relatively simple and economic test to perform—Stoll _ 7 
; (8). as a means of deducing soil properties, a corollorary of the statements a 
in the previous paragraph is that the deduced value of shear modulus for the 
soil will be very sensitive to experimental e1 error in: measuring the torsional stiffness 


Fora soil with an ideal elastic, perfectly plastic shear stress-strain curve, 


the torque twist response of the pile head may | be deduced right up to failure 
of the pile. In spite of | the ‘idealization of the stress- strain curve, estimates 
of the angle of twist necessary to fail a pile have shown reasonable agreement 
with measured values from full scale pile tests. 
_ O'Neill and Dutt (3) have observed that, for many soil types, the shaft adhesion P 
_ between pile and soil reaches a peak and then decreases as the angle of twist | 
of the pile increases. ‘This strain-softening type of behavior will clearly reduce _ 
the overall load ‘capacity of a flexible pile compared to a rigid pile (where 
the peak shaft adhesion may be assumed to be mobilized simultaneously down 
the length of the pile). A similar form of progressive failure has been scatiiaed ; 
for long compressible piles under axial loading. The obvious similarity between 
torsional loading and axial loading—both in the form of the analytical solutions — 
and in the agreement in soil parameters deduced from the two types : = 
test—suggests | the possibility < of using torsional load tests on piles, in order — 
to investigate qualitatively the behavior of piles under axial loading. oe 
_ The advantages of such an approach are twofold. In the first place, repeated 
torsion load tests to failure have no effect on the embedded length of pile 
or on the level of the pile head; with axial load tests, the gradual changing 7 
of the embedded length o of pile complicates the analysis of repeated load tests ; 


to failure, and restrictions on the position of the pile head relative to a reaction 
frame often limit the number and extent of such tests. A second advantage 
_ is in the realm of model tests, where it is often impossible to fabricate piles 
of suitable dimensions and stiffnens in order to model the compressibility of - 
piles currently used i in practice (e. g.. in 1 the foundations for offshore structures). 


as infinitely long piles ‘under torsional loading. A study | of ‘such | piles under : 
repeated and cyclic torsional loading may well furnish considerable insight into 
the behavior of compressible piles under cyclic axial loading. 


| 
| 
g 
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The following symbols are used in this paper: send tf une 
wt B = constant of integration and width of loaded area; 
= shear modulus of soil; 
= equivalent shear modulus of solid 
@), = = torsional rigidity of piles 


= rate of increase of shear of soil with depth; 


mn = rate of increase of shaft adhesion with depth; 
N = standard penetration test value; pao 


= re radius; 


= stiffness ratio (homogeneous soil); 
stiffness ratio (soil with stiffness a peory to depth); 


constant in analytical solution; 


| 
q 
= 
4 
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Us = constant; 
settlement; 


= angle of pile. on! 
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EXPERIMENTAL Stupy ON Foorin INGS IN LAYERED SO 
By Adel M. ‘Hanna,’ M. ASCE 


(as) to ‘predict numerically rege ultimate bearing capacity of footings o1 on n layered | 
soils. The empirical equations, derived to determine the average values of the 


boned strength parameters, C.. and d,, for two- layered soil within the calculated — 


= thickness of the soil layer; C= cohesion of the soil layers; — 
and o = nite of ‘shearing resistance for the soil layer. The s subscripts 1 and . 
(2 refer, respectively, to the upper and lower layer. bas oat 
The equivalent significant depth, D,, as defined by Satyanarayana and Garg, 
is the depth to which the net loading intensity due to structural loading can 
f produce a perceptible contribution to settlement or shear stress. This: —e wae 
_ for a two-layered soil is given by Hs bt quala sia 


in which B = the foo footing width or diameter. 


ultimate bearing capacity can then be determined ty of the fthe general 
bearing capacity equation proposed by Terzaghi (21). 

= _ The method is attractive to use because of its simplicity; however the pele P 

; accuracy of the method has not been verified for conditions other than those 7 


for which the equations were derived. 
. _This paper presents an attempt to ‘examine the validity of the method. An 


her ic (3) 
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experimental investigation on the ultimate bearing capacity pres strip ond circular 
4 model footings on a two-layered soil was conducted, and the data used to check 
values predicted by the method for the conditions tested. 
Seem. —Plane-strain conditions were simulated for strip footing tests by using 7 
a glass- “sided soil box, similar to the one used by Ko in his investigation of © 
foundations on sand (13). The length, width, and depth inside the box were 
24 in. (610 mm), 8 in. (203 mm), and 20 in. (508 mm), respectively. The glass 
_ enabled observations of relative movement along the intermediate principal stress 
_ plane during the test and inspection of rupture surfaces after failure. . 
The horizontal movement of the glass sides was measured at the midspan e 
- points. The results showed that, at the maximum stress levels attained, the 
- glass sides were inflexible. The friction between the sand and the glass ‘sides 
was measured by means of a direct shear box test. In these tests, the bottom 
half of the shear box was packed with dense sand, while the upper half consisted 


of a piece of glass attached to a block of wood, both having the same inner > 


dimensions of the shear box. The results indicated that the angle of friction 
_ between the glass and the dense sand varied from 4.91 °-7.84° for normal pressures 
of 9.58 psi (66 kPa) and 3.26 psi (22.46 kPa), respectively. Since ‘the stress 
on the intermediate principle plane varies through the failure plane both in 
_ the vertical and horizontal directions, an accurate assessment of its frictional 
- contribution to the ultimate bearing capacity is difficult. However, if it is assumed — 
that the stress on the intermediate principal plane is about halfway between s 
the major and minor principal stresses (20), then an estimate of the stress 
- component due to friction contribution would be small and negligible. a i 
* A steel drum 19 in. (483 mm) in height and 20 in. (508 mm) in diameter 

_ The strip and circular model footings used in this investigation were machined 
‘from aluminum sections. The width / diameter of these footings was 2 in. (50 7. 
mm), and they had a thickness of 1.5 in. (38 mm) in order to simulate ; rigid 
‘footing conditions. A threaded hole in the center of the footing allowed rigid 
connection to a loading ram through which the loads were applied. The — 
of the footings were roughened by cementing fine grain sandpaper onto them, 

- using epoxy resin glue. The strip footing was 8 in. (203 mm) long (the same . 


? 
4 

4 


_ as the inside width of the test box) to ensure plane-strain conditions. = 

be To minimize friction at ‘the interface between the str strip footing and the glass 

_ sides of the testing box, a cut was made in the footing material at both ends, 
and the cutaway metal was replaced with flexible foam. One side of the foam © 


was glued to the footing, while the other side was covered we polyethylene. f 


“footing tests, an instrumented model strip footing was also used i in this is investiga- 
tion. This instrumented footing \ was also fabricated from an ) aluminum section 
J with the shape and dimensions given in Fig. 1. The main concept used in the 
7 _ design of this footing was to avoid increasing the observed load due to friction z 

between the footing edges and the box sides. For this purpose, the footing 


| 
i = 
4 
= 

a 

v4 
1 _ _ base was divided into three sections where the loads were only measured from — 

ae a middle section. The other two sections were to ensure plane-strain loading _ 7 


conditions. A comparison | test results of the two- strip: footings used 
in this investigation under the maximum expected loads showed very good © 
- agreement. Thus, strip footing tests were continued using the one-piece model _ 
footing for simplicity and time-saving purposes. 4 
A loading frame of a compression machine was used. In order to omen ” 
‘the load in a vertical direction during the footing tests, the loading ram was a 
. through a lubricated ball-bearing guide. Proving rings, each having a 
Dregs sensitivity and maximum capacity, were used to measure the applied 7 
pr In the case of the three-piece footing tests, the total load was measured 


+ x 


Universal Testing Machine. Dial hancgomerad at least count of 0.001 in. (0.0. 025, 

mm), were used to measure the vertical displacement. 

= All tests were conducted at a nominal rate of feed of 0.01 in./min (0.25 

- mm/min). The load readings were recorded at pr< -determined strain values defined 

, as the ratio of settlement to the footing width or diameter (S/B) (usually the 
load readings were recorded at intervals equal to 0.5%). Fig. 2 shows a photograph ‘ 


ay Test  Materials.— —The sand used i in this investigation v was an air- “dried, medium-— 


: 
using a proving ring and the load per cell was recorded by connecting the [im | 
Cs load cells to a Solartron Data Acquisition System, where the electronic signals - “1 
= += were displayed and recorded by a printer. The proving rings and the load cells 
tes 
and feldspar. The grain size distrib icient equal - 
; | = to 2.76. The specific gravity of the Laboratory 7 


s on this sand ‘indicated ibiiidinediall ‘minimum void ratios of 1.01 and 
_ 0.395, corresponding, respectively, to maximum and minimum porosities of 0. 502 
ae In order to assure pes of the sand density throughout the testing 
: ~~ a sand-placing technique was employed consistently. A procedure was 
: developed by raining the sand from a certain height to give uniform and desired - 
= For the purpose of this investigation, the relationship Rotepen the — 
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FIG. 2. —Setup for Strip Foe Footing 


o Fig. 3). cates packing was achieved by raining the nend from a height 

of 36 in. (914 mm) for each 3-in. (76-mm) layer by means of a metallic sieve, 
in. (457 mm) in diameter. Compact packing was achieved by raining the 
sand from a height of 6 in. (152 mm) for each I-in. (25-mm) layer, through ; 
a funnel with a rubber tube and end sieve. Loose packing was obtained by 7 


pouring the sand slowly from a very low height, using the same funnel used © 


| 
{ 
| 
ae 


The sand box was shane at the same level of the sii of the testing ng machine be 
. - during the sand-pouring process, and with caution, the box was pushed on © 
_ rollers to the loading system; this proved to be a relatively satisfactory technique cf 
g to prevent any disturbances to the sand density. 
q ‘. Plane-strain tests were conducted on samples 2.63 in. (67 mm) long, 1.5 in. * 
at (38 mm) wide, and 2. 95 in. (75 mm) deep (see Fig. 4). Deformation it in the ca 
longitudinal direction was restricted by means of two rigid steel plates, where a 
the intermediate principal stress, o,, was measured. The minor principal stress 
was applied to the sample through two cells filled with water as the case of 
7 _ triaxial test. The apparatus was put on a compression machine where the — . 
principal stress was applied up to failure. Typical results of the etn “strain 


4 is 


of fall (ft) 


clay in this investigation was classified as an inorganic clay of 
medium plasticity, brown. in color, a and the dominant clay mineral was illite 4 
with quartz and feldspar making up the nonclay minerals. The specific gravity 

*, was 2.74 and the water content varied from 25%-30%. The liquid limit, onda 

limit, and plasticity index were 43%, 23%, and 20%, seupuotively . The clay, 


silt, and sand fractions were 35%, and 1%, respectively, 


* 


aM The clay was mixed with hydrated lime to reduce the plasticity index and Z 
decrease the deformation and volume change (14). Also, the shear “strength 4 - 
a: was increased with increasing lime content. In the present investigation, 3% 
lime the weight of the oy was added, and a period of 3 days” 


| | 
4 


was allowed for c curing. The mixed clay was placed in the testing box by tamping 
_ molded balls in layers of about 2-in. (50-mm) thickness. Each layer was compacted 
—@Q cycles/layer) by means of a tamper with rectangular base of 1.5 in. 38 
: mm) width and 8 in. (203 mm) length. The tamper was 10 lb (3.73 kg) in —— - 
and the height « of fall was 12 in. (305 mm). The testing box was Placed on 


a rigid surface during the compaction process. The inside and seams of the | 


q 
4 


FIG. 4.—Plane-Strain Apparatus (1 in. = 25. 4 


- footing test box were sealed with petroleum jelly to prevent the loss of water 
and adhesion « of the clay in contact with the box. After packing, the surface 
was covered with a double layer of Saran Wrap and the box was stored for 
curing. The procedure was determined in advance in order to maintain the | 
ee strength within a limited range for all footing tests. The specific gravity 
of the mixed clay was 2.7 16, the bulk as obtained in all tests” vesiod 


| 
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| 


between 104. 7 ee ft ont 108.4 4 Ib/cu ft a, 677 kg/m? and L ,736 kg/m? ), 
_with a water content of 48.9% and 56%, respectively. The degree of saturation 
varied between 97.9% and 98.9%. Since 98% saturation was a achieved, the ol 
might have been treated as fully saturated (1), which | meant that the shear 
strength was independent of the confining pressure, and the @ = 0 concept 
could be applied in the analysis of the results. Therefore, the shear strength - 

_ was measured by conducting unconfined compression tests on a sample 3 in. | 


(76 mm) long oo“ 1.5 in. (38 mm) in diameter, pm one from a block of clay 


depends the Pane Sin Tot 


Major 
Stress 


density, 
D,, 
aper- | 
centage 


13.90 
95.77) 


(2,437.68) 
38.50 
159.80 
(1,101.02) 
18.80 
(129.53) 


= cut from the box, i 
Test 


; fo the case of strip footing on dense sand overlying clay which is | presented 
in Table 2. These figures show the variation of the ultimate bearing capacity, 7 


q,,, With the ratio of the upper layer thickness below the footing base to the 

Tooting width or diameter, H/ B. The observed ultimate bearing capacity showed Z 
a an increase with increased thickness of the upper layer below the footing base 
in the case of a ‘Strong layer overlying a and a decrease 


— 

foot. Rela- pounds pounds pounds | shear- 

per | as inch inch inch tance, 

Packing| cubic | a (kilo- (kilo- (kilo- , in 
state meter) |centage ascals) | pascals) -pascals) | degrees 

‘Dense | 104 | 0369 | | 5 $9.20 | 48 

(16.3) | | | @445) rors 

| 0369 | | | 51.00 | 20000 | 47.7 ff 

0369 | 0.691 | | 98.10 | 35380 | 458 8 

test. At least two, vertically-  & 
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FIG. 6.—Summary of Results: Strip Footing on Dense Sand Overlying Compact Sand 
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4 
“the observed ultimate bearing capacity increased with increasing ratio of the © 
.: buried depth of the footing to the footing base D/B. The ultimate bearing 
capacity of layered system varies between the two limits of footings on 


lower and “upper layer soils for ratios of zero and infinity, 


‘The faibare loads were determined from | load- settlement curves. The shape 

of the load-settlement curve and consequently, the mode of failure generally — 

_ depends on the size and shape of the footing, the composition of the supporting — 


—-— Theoretical 


ae of loose sand below footing base/ oe 
footing width , 
FIG. 7.—Summary of Results: Strip = in Loose Sand Overlying Dense Sand 


soils, and rate of the loading (23). In addition, in the case a footings on two-layered 
soils, the mode of failure is influenced by the shear strength of the upper 
and lower layers, location of the weaker layer, and upper layer thickness below . 
3 footing base. The three principal modes of shear failure ‘under tae ono 
In the case of general shear failure, which is characterized by the existence 
“a of a well-defined failure pattern, there was no difficulty in determining the 
failure point. _ Under strain- controlled conditions (testin conditions), a visible 
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; observed. In this case, the load settlement curve exhibits a peak load which — 
‘e defines the ultimate bearing capacity. This is less clearly defined and is often | 
_ difficult to establish for local and punching shear failures, and different methods 
for selecting the ultimate load have been published. Terzaghi, in Ref. 21, defined == 
‘the ultimate load in these modes of failure as the point where the load settlement _ 
curve becomes relatively steep and straight. Brinch Hansen, in Ref. 12, has < 
_ defined the failure point as the stress, for which the strain is twice the strain 
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FIG. 8—Summary of Results: Strip Footing in Compact Sand Overlying Dense Sand 


fin where the slope of the load-settlement curve first reaches zero or a steady, — 


minimum value. Christiaens (in Ref. 4), found, by plotting the settlement against _ 
the load on a log-log scale, that the diagram consisted of an upper curved part 

_ and a lower part, which is a straight line. The intersection of these two lines 
§ _—sis considered as the rupture point. DeBeer, in Ref. 5, reported that Christiaens’ 

_ method was in close agreement with the criterion defined by Hansen, in Ref. 


erzaghi’s and Christiaens’ criteria — 


| 
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In the present investigation, both 7 
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_ Based on the present investigation distinct features were observed: — 

* . For footings in a strong layer overlying a weak layer, the load settlement 

_ curves were found to reach a peak value at higher H/ B ratios where the mode 4 : 

of failure was general shear. The degree of curvature of the load settlement 

‘TABLE 2. —Summary of Test nite: on Dense Sand Cla 
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pounds 


(82. 11) | (274. 
ais. 
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FIG. 11.—Typical Load-Settiement Curves: Buried Strip in Dense Send 
Overlying Loose Sand (1 Ib/sqin.= 6.90 KPa) 


changed to local shear failure - Typical load-settlement curves are given i in fe 


increased with decreasing H/B ratio, where a peak load « be found. 


Bom 
g 
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4 
s - Fatios, the load-settlement curves did not exhibit a ‘peak load, and the mode 


| Thisn method was applied under the conditions utilized in the tests; the calculated 
ultimate bearing capacity values are shown in Figs. 5-10 and Table 2 together 
with the experimental values. It can be seen that, generally, the Satyanarayana 

- and Garg method tends to underestimate the bearing capacity up to the rati a 

of H/B less than 2; at H/ B = 2, the method treats the system as a homogeneous < 

- soil of the upper layer. The predicted values thus obtained are considerably — 

_ higher than those observed as shown in Fig. 5; it is in fact this case that a 
the most dramatic disagreement. O Be bas ..M 
Tt is of interest | to note that the present test results indicate that the ee 
a the up} upper layer at which the lower layer has no influence on the bearing 


capacity depends on the relative strength « of the two layers (Figs. 5-7), as well 


as the type of footings (Figs. 5and9), shone) 
gf An experimental study of the ultimate elie | capacity of strip and circular 
featines on a two- layered s soil has been ci conducted. The test test setup | and ‘materials 
¥ The experimental data have been utilized to furnish a basis for evaluating 
the predictive accuracy of the empirical method proposed by Satyanarayana 
and Garg (19). The extensive comparisons between the observed ultimate bearing 


_ between 70% and 85%. Thus, it is the writer’s opinion that the method needs 
a more refinement and further experimental, and possibly field verifications before | 


it can be recommended for practical applications. 
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following symbols are used in this paper: 
ha 


C = cohesion parameter for soil layer; 
average value of cohesion parameter of layered soil; 
cohesion parameter of upper layer; 
= buried depth of footing; 
. = equivalent significant depth; 
H = thickness of upper layer below footing t base; 3 
= = ultimate bearing capacity; 
= foundation settlement; 
thickness of upper layer; jowds, ‘bowl 


= angle of shearing resistance of soillayer; = 
= average value of angle of shearing resistance of — “sn il; 


Berne athe of shearing resistance of upper soil layer; and 
angle of shearing resistance of lower soil layer. 
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PERMANENT: DISPLACEMENTS. 
By W. Allen Marr, Jr.," M. ASCE and John T. Christian” F.ASCE 

es a soil is na Ticker: to a sequence of cyclic loads, both cyclic strains 
and residual or permanent strains develop. The latter are the strains that remain 

at the end of each cycle of load and represent a cumulative effect that must ‘ 


be added to the effects of previous storms. To date, most attention has been 
directed toward evaluating the peak ‘cyclic displacement that occurs during a ; 


storm rather than the permanent displacement, even though the permanent 
displacement is an important consideration for structures that must resist many 
storms, such as breakwaters and some offshore platforms. = = © a 
ig One could predict permanent displacements in two ways. First, one could 
develop a hysteretic stress-strain relation for the soil and use the resulting nonlinear 
Telations with a finite element program to solve each cycle. of the loading history Be 
(5). Although this procedure has several advantages, it suffers from disadvantages. : 
No generally recognized hysteretic stress-strain relation exists for soils that — 
includes effects of load reversal for two- or three-dimensional conditions, despite — 
the great deal of important and useful work in progress in this area. Even _ 
ay such a relation, the > solution would have to proceed by small steps through 


each cycle of a storm ‘that might contain ‘several _ hundreds or thousands of 
“cycles. The computer runs could be quite long, and the results would apply 
- This paper describes a second approach that develops relations among the 
_ initial soil properties and conditions, the stress changes in a cycle, the number — 
of cycles, and the permanent strains. Thus, the distribution of permanent strains - 
at the end of cyclic loading can be computed. To this information in a 
‘finite element program requires the capability to generate strains and deformations 
“Presented at the April 2-6, 1979, ASCE Convention and Expo 
"Research Assoc., Mass. Inst. of Tech., Cambridge, Mass. 
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‘The seletions among soil properties, cyclic residual strains must 
es consider another factor not usually dealt with in current practice—cycling 
- about a nonzero, “constant shear stress. Most cyclic tests on soils use triaxial — 
testing equipment with isotropic initial stresses, which rarely exist in nature. 
Vertical and horizontal stresses usually differ in the geostatic case. Stresses 
- from the weight of the facility alter the shear stresses in the foundation. 
Additionally, in many practical cases, such as dikes, barriers, and breakwaters, | 
: constant horizontal load develops from static, tidal head differences across — 
f the structure so that the horizontal wave loads cycle about some constant value. 


Tis paper describes the results of an Sadie investigation into the 
permanent deformations caused by cyclic loading about states of stress ac 
“include initial shear stress. The ‘Physical model is is then converted into a finite 


_ tion analyses for the practical case that motivated ‘this work indicated that jl 
residual excess pore pressures dissipate before the end of the storm » the 
experimental and analytical procedures involve completely drained behavior. _ 

.. experimental and analytical work on the Project were “reported using 

tonnes instead of newtons. In the figures, t/m? (tonne /m? ) should be multiplied 

_by 9.81 to obtain kPa. Gute 
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stress paths vary considerably. Triexial: tests with isotropic initial stresses 
and cyclic shear stresses that are equal in extension and compression do not “a 
_Tepresent these loading conditions adequately, 
a Cyclic loading on an element of soil leads to permanent deformations from 


‘two causes: volume change ai and shear distortion. Fig. 2 shows “results from 


two cyclic triaxial tests with drained conditions. The ‘‘isotropic”’ test has the 
_ shear stress cycled about an average value of zero; the “‘anisotropic”’ test has 
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; a positive average shear stress. Permanent strains accumulate with each additional - 
cycle, the increment of strain decreases with each added cycle, and values 
3 strains vary with the value of the average shear stress. Clearly, the average J 
shear stress has an n important eff effect on the residual ‘strains: developed it in an 


cyclic shear stress, and orientation of the stress path, and because soil a 
_is very nonlinear, a comprehensive constitutive model of soil behavior for cyclic 
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epending on the initial stress, the effects of the interaction of structure and 
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Test Equipment and Proseturts. —The soil for this investigation comes from by 
the Neeltje Jans Harbor in the Oosterschelde inlet of the North Sea on the 


“passes the No. 200 sieve. The peers are mainly subrounded, quartz grains co 
with some feldspars and small amounts of mica, shell fragments, and calcite. ba 

_ Some of the quartz grains are slightly cemented by small amounts of calcium — a 

_ carbonate. he) minimum — density of 1. 43 ton/m’ “ and a maximum d dry — 4 


- Porosity, ‘ in tonnes per in ani per | in tonnes per 
in } percent it square meter square meter | square meter | 


0.20 Ny 


2 


of 1.73 ton/m? were obtained by following ASTM 69 The 
solid particles have a specific gravity of 2.64. 
Triaxial samples 1.4 in. (36 mm) in diameter itt 3 in. (76 mm) high were a 


i prepared in a mold by tamping moist sand in layers according to the method i ‘ 
of undercompaction recommended by Ladd (4). . Compaction was followed by | Af 


by water, back pressuring to 50 tons/m* or more, and consolidation. 
aes After consolidation, a nearly sinusoidal cyclic axial load was applied through © 
oa a hanger connected to a horizontal lever arm with a translating weight that 

es. made to oscillate by a rotating, motor-driven disk. A loading period of 

a sec was used to allow sufficient time for digitizing and storing data as well — 

> as to © model typical wave periods. Axial strains were monitored by a DCDT 
with an accuracy of +0.017% strain at accumulated ‘Strain and sensitivity 


A loads cannot be achieved a 
for predicting cumulative Strains im undralned, tiaxial tests ror dl Stress 
paths by using empirical constants to account for the effects of porosity, mean 
stress level, and cyclic stress amplitude. The techniques described here use __ 
| 
— | 
/p 
¥ 
g 
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oni a diaphregm eovemulater connected to the sample. Sensitivity was +0.003% 
strain. Loads were monitored by a load cell with an accuracy of +0.59 N- aval 
at a load of 490 N. and a of +0.13 N 13 N. (3) describes fenther 


Data were collected a data logger and stored on magnetic tape for computer 
_ processing. The data were reduced by a computer program, which applied — 
_ corrections for changes i in area of the sample and for resistance of the membrane. 

Test Results. —Several series of tests were conducted to determine the influence 


a porosity, - stress level, average s shear r stress, and cyclic shear “ne the cal 

accumulated strains. Table 1 summarizes test conditions. 
_ The results for cumulative volumetric strains are summarized in _ 3 ae 
those for axial strains in Fig. 4. Examination of these results shows a nearly — 


log- linear mahteenaee: sod among cumulative strain, number of cycles, porosity, s — 
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FIG. 3. —Contours of Volumetric Strain 
_ level, and cyclic shear stress. Hedberg (3) made a similar finding for wiiiaiiin <= 
tests. These suggest an extension of the well-known Miner procedure that has = 
been used for years in — analysis and mor more recently in liquefaction studies. ; 


describe the influence of number of cycles (N), porosity (m.), cyclic shear 
_ stress ratio (Aq/p,), and mean normal stress (p,) on permanent strain. The a 
- influence of porosity on axial strain a s shown in Fig. 4 allows the following t . 


: contours is constant for all values of strain, one can develop equations that , 


_ observation: a test at 42% porosity with 38 cycles of stress produces 0. 05% 
axial strain, which is equivalent to a test at 40% porosity with 2,150 cycles 
of stress. Using this equivalence, one can incorporate the influence of porosity e 

on strain as an equivalent change in the number of stress cycles. Data for _ 
different Porosities can be expressed with: the use of ane equivalent 1 


4 
| 
a | 
7 


AUGUST 1981 


= AUGUST 196 
in which d = the slope of the strain contours in ie plot of porosity verses 
‘i log N; n,.¢ = an arbitrarily chosen reference; and ** indicates exponentiation. , ms 
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‘wane relations, the data in Figs. 3 and 4 for different of 
cyclic shear stress ratio, and mean normal stress can be altered to one value : 
of each pacameter to obtain a plot of cumulative strain versus N, as show 
Fig. 5 gives the data for tests listed in Table 1 with | Im _/Po™ = 0.20 transformed — 
by the above procedure to one set of parameters, n = 43.2%, Aq/p, = 0.18 ‘a 
? and p, = 25 tonne /m* (245 kPa). Points in Fig. 5 are data points with the 
_ number of cycles multiplied by a constant that depends on the conditions of 
- each test. Fig. 5 shows a linear relation exists between the logarithms of N. 
and of cumulative Strain. the nine tests at various n, and 
an average line is shown for q,,/p, = 0.20. This is the first point where an 
approximate relation replaces actual data. pee of data from the average | 


7 in which a, b = average slopes of strain P 


ws WAVE L LOADING. 
line i in n Fig. 5re represent the differences between 1 measured data and strains ns obtained 
__ Fig. 6 shows the reiations between cumulative strain and N, for other ae: 
of 9 m/Pvo established from limited data. Fig. 6 reproduces the behavior shown | 
s Figs. 3 and 4 4 in that Vim m/ Po ha has a smaller effect on saenmndiel volumetric _ 
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The ae of rahi 5 6 can be simplified into an expression of the form 


in which = axial or volumetric cumulative strain; D= a constant; 


number of equivalent cycles = = NC,C,,C,; and Cas! and C, =| po 


A simple, approximate fit of the data in Fig.6is mahogany 


(5) 
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| 
| | 


in which c and 
- _ Limited laboratory data suggest ‘that soil type has a primary influence con 
_ the constants C and D of Eq. 5 and a secondary influence on the constants 
in Eqs. 1-3. A soil that has a high resistance to cyclic loading has a small — 
value of C, and a soil with low resistance has a large value 
4 One important consequence of Eq. 5 is that the mean shear stress, “ee “a 
: a direct effect on the magnitude of residual strain. In this manner, the residual 
Strains very much like plastic strains, as opposed to nonlinear elastic 
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of stress in which the definition of Ag and rotation of guinelpal planes can 
be significant. Limited triaxial | tests indicate that the inclination of the stress 
_ path is not important so long as the stress paths remain well inside the failure” 
_ envelope. The effects of rotation of ware planes are worthy of further 


d 
|: 
ste. 
e effect of the inclination of the stress path Has-mer been considered 
ffects are ignored in this approach, 


LOADING 


7 Algorithms based on Miner’s procedure have been combined with finite element 

4 


_ Procedures to calculate movement of dams (6) and offshore structures without 
_ static horizontal loads (2). The latter example performs the analysis by modifying _ 
the” modulus of the soil, which can create some problems when the in-situ’ 
stresses are not computed directly from applied loads. 
a. _ The relations developed from the experimental program can be implemented 
jaded generally into a finite element program used a technique similar to the 
well-known methods of initial stress and initial strain. The procedure has rat 


into the program FEECON, which has been described by Sim 


_ less than those of many other approximations used i in the solution. _ 
_ The stresses in an element before cyclic loading are designated pes ' e 
cyclic loading consists of N cycles of loading, each with an amplitude of (a0). 
notation indicates that the components are arranged in a vector, 
as is customary for finite element work. From Eq. 5, it is possible to compute 
, ‘ the residual strains caused by the cyclic stresses. These increments of strain 
are designated by {Ac},, the subscript ‘‘R’’ indicating residual effects. The | 
principal analytical problem i is to produce these strains with no ) change i in boundary 
‘The matrix of elastic constants for the element is ‘[G], which for a nonlinear 
material can be instantaneous stiffness terms based on the current state of 
. stress {a} ,. The strains have not yet taken place; they have simply been calculated. = 
_ Since no ae Save yet occurred, the situation is as ren stresses 


gli 

In other webls; an element that wishes to deform so as to have strain {Ac} a. 
_ but is prevented from doing so because the displacements have not changed, 
is the : same as | one wishing to have strain {Ae}, but also carrying an additional 
a To remove the dummy stress ss {Ac} , and t to induce the n necessary y deformations, — 
_ the nodes of the elements must be loaded with self-equilibrating forces statically : 

: equivalent to —{Ac},. Such loads can be found by recalling first that for any 

_ _ element the nodal forces {P} and the nodal displacements {u} are related by 


‘that the strains are ‘computed fi from the displacements by means 


whieh | V= nthe area) of the element. Therefore, — 


Ae 


ial NaTrameters Wit Strain an aivsis lit Se ects are 
the nodal Sulmmess 


1981 
it that the equivalent nodal forces are 


accuracy can usually be using one point in the 
ae integration: of “Eq. 10 and evaluating | it at the centroid of the element. 


| 


Initial stress {co}, is computed from geostatic stresses, weight of Decale 
‘static horizontal loads, etc. Aer. gon 
2. The cyclic stresses {Ac}. are evaluated for each element by applying the | 
loads to the finite element it array with a static stress-strain law and 
Nodal forces {AP}, are re computed from Eq. 
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applied to the entire array of elements and the | Beas per ae for displacements 

mo u} and strains {Ae}. This may cause changes in stress that are sufficiently — a 

g to warrant modifying {o}, and repeating the analysis. 
7, If iterations are necessary, {co}, is modified to account for redistribution 


of stresses the combined effects of {Ac}, and {AP}, and step is 


al The vector of residual strains {Ae} , is expressed in terms of the components — 
of Strain in the finite element coordinate system. ° The residual strains in Eq. 

5 are composed of a volumetric and a major principal strain, and these must 

: be rotated to the local finite element coordinate system. This is done by considering 
_ the principal strains of {Ae} , to be oriented in the same directions as the principal 

stresses of {a}, and then computing the “required strain “components from the 


- A typical storm consists oat many waves with varying amplitudes. Calculations 
are greatly simplified by dividing the storm into a number of different parcels 
of waves with each parcel containing an equivalent number of cycles of a wave 
with fixed amplitude. If the subscript indicates the 
415 can be extended: 


(N, C, 


Thus, an storm containing waves of various amples cn can be replaced 


pals 


| 
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with an load. approach does assume that the constants in Eqs. 
ok -5 are not affected by changes in conditions during the cyclic loading. In 

' some cases, it is desirable to examine the effect of each parcel separately. 
Examples are cases in which the effects of the order o of loading are to be | 
investigated and those in which there is some change in average stress from 
_ parcel to parcel. Because the model requires the residual strains generated in 
earlier parcels, it is necessary to store these strains, which are identified by _ 
ia Ae%,. Then, a new parcel of load starts from this strain, which has an equivalent : 


7 in which all parameters are of the new cyclic load and indicates 
; > subparcels of the new load. The residual strain from the new load alone is 
Test runs of | the computer program s| showed that q/p, could be become unreason- — 
ably large, p particularly at the toe and heel of the structure. Since this ratio. fa 
appears as an exponent of 10, the resulting residual strains immediately dominate 
the solution. The problem occurred because Ag was determined from an elastic 
analysis that assumed linear properties during one application of the —e. 
To correct this difficulty, each element must be examined to determine whether _ 
Aq is sufficient to exceed the shear strength of the element in either direction = 
of wave loading. If so, Ag is reduced to the value just sufficient to reach — 
the shear strength. This is realistic in that once Ag exceeds the shear strength, 
_ the stress path must move along the Mohr-Coulomb line, which gives a nearly 
constant Aq/p,. It does ignore the redistribution of stress caused by yielding, 
- but including that nonlinearity in the computation of Aq would complicate the 
model beyond w what is a reasonable extrapolation from laboratory results. In 
all cases, Aq is computed as the difference between the total g for the static — 


state plus the wave oe ey effect in _— direction and the gq that existed 


It should be noted that the effect wi ‘the ‘cyclic load is to make the soil 
behave as essentially a nonlinear visco-elastic material, with N taking the place © 


of time. When there is substantial redistribution of stress, the nonlinearity may 

cause the iterations to diverge for the full load history, and the cyclic load 

must be treated in smaller parcels. 


_ bility of designing a barrier dam across the Oosterschelde inlet located southwest 
__ of Rotterdam, the Netherlands. The barrier dam, which links with dikes placed 


along the coast, must allow tidal flow during normal sea states but resist storm 


4 
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piers to effect the 3.5 km long closure. Fig. 7 illustrates a section of one of _ 
the massive piers with base plane dimensions of 25 m wide and 50 m long. 
Each pier will be fabricated in a dry dock, floated into position, sunk into ae 
a dredged trench, and ballasted. A protective cover or sill will be placed over — 
: _ the foundation and around each pier to prevent erosion of the foundation. eatery - 
. A key design question is how much permanent displacement will occur over 
= ‘The foundation consists of fine-to-medium sand of uniform gradation over . 


on of the closure. The upper part has been deposited in the Holocene epoch 


and is loose-to-medium dense. The underlying sand, deposited in the Pleistocene x 
epoch, is medium dense to very dense. ‘Holocene ‘sand directly | under each 


1000/3000 kgm SORTED STONE lo > 
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SECTION 


pier will be densified and a protective layer of foundation mn slag pines and densified 


a The wave loads and the corresponding moments were converted to equivalent 


: forces on a da m 1 thick section for plane strain analyses. The horizontal v wave 


heights; - this i is an n assumption that i is very close to the prescribed design « case. “ry 


ROGRAMS 


prevail in this foundation. Christian and Audibert (1) describe the computer a 
‘Program, CLIP, which considers consolidation of a linearly elastic material with 
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by three points in the foundation soil. Excess pore pressures from undrained 
_ cyclic triaxial tests were used to establish contours of excess pore pressure 
_ for a complete storm of several hours’ duration. These contours were used — 
_- establish pore pressure / generation coefficients in the consolidation program, 
assuming linear buildup of excess pore pressure in a ‘conservative time of 30 
min. The dashed lines in Fig. 8 show the resulting excess pore pressure generation - 

_ with no dissipation or redistribution of excess pore pressure allowed. The solid Jf 

_ lines show excess pore pressures with the same rate of generation nore — | 


pe 
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wiTHOUT 
| 


om 
FIG. —Dissipation of Excess Pore Pressure. Storm 
_ dissipation and redistribution of excess pore pressure during and after the 30-min 4 
storm. These calculations used conservative assumptions, including reasonable — 
values of the lowest permeability and highest compressibility for the soils, no a 
2 cyclic tests, no drainage around the pier, and a a ‘storm compressed from several ; 
_ hours to 30 min. Even with these extreme conditions, only small values of 
_ excess pore pressure develop, so in the actual case drained conditions should 
7. Fig. 9 9 shows the finite element array for the displacement and permanent 
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strain calculations, and indicates and Boundaries of 
the finite element mesh were established at sufficient distances to avoid influence © 
on displacement of the pier. Dow 
Determination of residual strains r Tequires one ‘first: determine stresses 
- from geostatic forces, the weight of the structure, and the horizontal force 
from the tidal difference and the increment of stress for the wave. This calculation 
_ requires a stress-strain relation for static loading, for which FEECON uses 
The version of the hyperbolic stress-strain law used is expressed in terms 
ofa a tangential modulus, and a modulus, K. The general 


in which = the principal and 


TABLE 2. —Material Constants for Static Stress-Strain Relations 


Soil 


41% 


Note: Slag: 9,950 tonnes / m7’; 
= 300,000 tonnes /m’; 


strength parameters; 
material constants. ‘With drained conditions, stresses equal total 
- Table 2 summarizes stress-strain parameters for the materials illustrated in 
Fis 8. Loose Holocene sand, densified Holocene sand, and dense Pleistocene 
sand use the nonlinear hyperbolic relation. The foundation slag, the sill, and 
_ the concrete pier were assigned values | of Young’ s modulus, E, and Poisson’ ¥ 
- ratio, v, shown in Table 2, appropriate » for the average stress and strain levels — 
developed by loading. The modulus for concrete was adjusted to reflect the — 
difference in moment of inertia between the actual pier section and that of | 
the solid concrete section used in the analysis. In 
Mareniat Properties ror Resinuat Strain CALCULATION ag, eral pest Vo mice 
Only Holocene and Pleistoct sands were assumed to develop 1 residual strain 
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05 | 0 | 36 os | 86| 05 
mn we +t. 
1.0 | 0 | 42 |0.88| 05 |1,427) OS 
_ 7 Be v = 0.45; sill: E = 1,990 tonnes/m’; v = 0.20; 
—_ 
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from cyclic loading. ‘The etes materials were venetian to be elastic to allow 
peer of effects of the properties of the foundation sand ¢ on permanent be 
displacement. Two. equations and sets of ‘material { parameters are needed, one 
to compute the cumulative volumetric strain Ae,,, and one to compute the 
cumulative major principal strain Ae,, 
Two different samples of Holocene sand were tested. Cyclic tests on the 
first indicated a sand with relatively high resistance to cyclic deformations, 
tis most of the results described here were obtained using the properties « Of 
_ sand. The second set indicated a much softer material that required an 
— of 300 times fewer cycles to achieve the same strain. This was true _ 
= though there is no significant difference between the two sands as regards 
= size distribution, mineral content, shape of particles, and static stress- ae 
Calculations were made for | both “stiff” and sand, and the results 
are reported below. below. The same static properties were used for both sands. Table 
4 TABLE AS Se —Soil Para Parameters for Residual Strains in Stiff Soil 


on 
20 tonnes /m? 20 tonnes / 
$0 tonnes /m? 


| 


Note: parameters “applicable for: 38% =< n =< 45%; 0.05 = Aq/p,; 0.15 = q,,/P, = 


gives residual strain | for the ‘‘stiff’’ Holocene sand. Residual Strain 
parameters for the soft Holocene sand were identical to those in Table 3 except }* 


for values of C which increased from 0.001037 to 0.311 and from 0.00168 to 

_ Because elements with very low cyclic stresses are not expected to undergo fe 

permanent strain, a lower limit of Ag/p, was established at 0.05, based on 

_ laboratory results. Elements \ with le: less ‘than | this level of of Aq/p, could not undergo 

se The excavation, densification, and construction processes were simulated by - 

the computer program FEECON to obtain the initial stress condition before 
7 ae of the static head loss and repeated wave loading. These stresses 

were then used as the Starting conditions to study the effects of different 
J combinations of head loss and wave loads and the effects of the degree of - 


densification on residual strain. Simulation of the construction and the application — ; 


- of the head loss and wave loads caused displacement of the caisson, but these _ 
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pore TABLE 4 .—Static Head Loss and Cyclic Wave Loed Combinations 


wed _Maximum loads, Magnitude, in 


1/2 Max wave 35. - 


head | s 


wave 


Max hea head loss 
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not reported here because the main interest is in ane 
_ The analyses considered four different combinations of static head loss and i 
cyclic wave load at two different densities of the Holocene sand. Table 4 gives __ 
the loads for the four combinations . All combinations use the same Statistical — 
characteristics and relative magnitudes: of waves. The sum of the static head 
and wave load is equal for all the combinations except Case D, which 
has no head loss load. Fig. 10 illustrates these load combinations. Case A is 

_ the combination of head loss and wave loading for design predicted from hydraulic 
studies. In Case B, the static load consists of the design static load plus one-half 
of the design cyclic load; the cyclic wave load is one-half of the design cyclic _ 
load. In Case C, the static load is one-half of the design static > load; ‘the cyclic 
load consists of the remaining half of the design static load plus the design — 

; = load. Thus, Case B has the total load heavily biased toward the static 

component and Case C has the total load heavily biased toward 


STIFF, DENSIFIED SAND SOFT, DENSIFIED 


(b) STIFF, UNDENSIFIED SAND 
48% 


“component. load were to the relative 
influence of Static horizontal force and horizontal on 


are shown in Fig. 1 . The results shown in Figure 11 suggest that: (1) The « 
‘magnitude and ieaiies of the head loss load control the permanent differential — 

_ settlement of the foundation; and (2) the magnitude of the cyclic load controls — ; 
the magnitude of average residual settlement. The magnitude of the horizontal _ : 
residual displacement is affected by both the static head loss and the cyclic 
wave load. However, as one might expect, no permanent horizontal displacement 
occurs with zeroheadlossload. 

_ _ The residual displacements shown in Fig. 11(@) are small in comparison to 

_ the elastic deformations for first time loading and residual displacements deter- 

mined from other approaches such as physical models. These small residual 
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FIG. 11.—Calculated Permanent Deformations om 
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“resistance to cyclic loading. Predicted permanent Donn ede increase if the 

foundation is not densified, as shown for the “suff” > sand by comparing Figs. 

7 _ The other Oosterschelde sand, similar in grain size to the stiff sand, gave 
less resistance to loading. With parameters for this * ‘soft”” sand 


a 1. The slag layer was assumed elastic with no residual deformation, ue it 
may have a significant contribution. 
ost The calculations were for one defined storm, and other patterns of loading 


243 YoU One 19! neh) etal ove 
_ From the results of the finite element calculations, it is possible to determine | 4 
4 "how the strains contributing to the settlement of the center line are distributed 
TABLE 5.—Sources of Center Line Settlement and Effects of Densification we 
ob n = 41% to settle- 
we Pleistocene ment at n = 39.4%, 
Design 
Large tide 8 
Large wave 


a between the » Holocene and Pleistocene sands. The effects: of densification can 


densified Holocene sand i increases with the i increase in n the head loss load. They 
also show that densification reduces the residual settlement. The beneficial effect 


of densification increases as more of the horizontal load derives from __ 


a 
and stress conditions, including initial shear stresses? How can permanent : 
displacements 1 resulting from cyclic loading be predicted with current analyses? ; 


important in the design of barriers and dikes: What permanent strains 
q 4 result from cyclic loads? How are permanent strains related to soil conditions 


From the results of laboratory triaxial tests, a relationship has been developed 


displacements occur in large part Decause the parameters for the calculations 
aiso De evaluated more explicitly. hese are summarized in able 5. 1€ 
— 


‘initial stresses, in 1 addition to cyclic shear stresses. the initial 
shear stresses leads to drastic distortion of the effects of cyclicloading,§ 8 — 
- __ The new eee for residual strain have been incorporated into a finite 


_ The results of initial application of the model to the Oosterschelde barrier 
- how that the magnitude and pattern of motions are sensitive to the distribution 


f of load between static and cyclic components. The magnitude and — 
= head loss force control the residual differential settlement of the foundation. = 

The magnitude of the cyclic wave load controls the magnitude of the — on, 
residual settlement. The magnitude of horizontal residual displacement is affected 
by both the head loss force and the cyclic wave load. As would be expected, | 
_ displacements are larger for loose than for dense soil, and they can change 


with only slight apparent changes in the 


: re available for at least 6 yr. The results described do not constitute a yt el 
: of performance, since many important details of the foundation were simplified 
s the analyses to allow concentration on the mechanism of permanent deformation — 
from cyclic loading. Further, considerable laboratory and analytical work is — 

. required to answer some detailed questions that occur with this general approach. 
The approach should be applied to several cases such as model tests, before 
high confidence is placed in its predictive capability. Nevertheless, results do 
point out the great importance of the in-situ state of stress on behavior of 
foundations stressed with a cyclic load and do allow one to assess the relative 
importance of various parameters on \ the magnitude and pee of permanent 
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LABORATORY TESTS ON PILED Rarr FounpaTions* 
Discussion by Joe O. Akinmusuru,’ A. M. ASCE 


iy | The authors’ oalfti on ‘the bending and settlement behaviors of piled footings — 
. Ss overconsolidated clay has thrown more light on the problem of soil-footing 
interaction. Some years ago, the writer carried out similar laboratory-scale 
_ experiments on the interaction of piles and footings in normally consolidated 
ay sand (13). A simplified mode of cap-group-soil interaction has been proposed 
(14) and it is suggested that the lateral pressures due to cap push and the 
attendant soil reaction induce bending moments in the piles and also 5 ae 
an increase in skin friction on the pile shafts. The writer takes the view that 
_ the effect of bending is likely to be more significant on the piles than on the 
- footing. For this reason, in the writer’s experiments, the model piles, and not | 
‘The piles used were perspex tubes each 3/4 in. 2 (19 mm) OD, 1/2 in me _ 
3 bore, 14 in. (350 mm) long, and sealed at the lower end. The model i 
was a 6-in. X 12-in. x 5/8-in. (150-mm x 300-mm x 16-mm) steel plate. The 
“piles were symmetrically positioned in a 2 x 3 rectangular array under the 
footing with the center- to-center | distances between piles being 120 mm along 
_ the longer direction and 90 mm along the shorter ‘direction. The middle pair 
_ of piles were instrumented on the inside with strain. gages at six sections along 
the pile length. On each section in each pile, the gages were installed at two | 
"diametrically opposite positions such that all the gages were in the vertical 
plane containing the pile centers and parallel to the shorter edge of the footing. — 
The details concerning soil properties, methods of strain gage installation, , and 
cap- -pile connection and installatin | have b been described elsewhere (13). ‘The 
cap was initially kept “clear of the soil surface to obtain freestanding group 
failure. The group was then pushed into the soil until the cap rested on the 
soil. Loading on the combination piled footing was continued but stopped well 
short of ultimate footing failure because of the risk of damaging the model 
piles. At each load application, the strain gage readings on the piles were : 
‘monitored. The average bending moment, M, on each instrumented pile was 


M- l 


and e = the : strains measured on the pile section in question. 


_ ‘The variation of bending moment with pile length is shown in Fig. 16 for : 


i, July, 1980, by Terence J. Wiesner and Peter T. Brown (Proc. Paper 15576). 
*Lect., Fecalty of Tech., Univ. of Ife, Ile-Ife, Nigeria. be 
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wae A—values, where A is the ratio of the axial load on ‘the pile top at 


any instant to that at freestanding pile failure. Also, in Fig. the | of 
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—eenenD Moments on Pile Shaft (1 in. = 25.4 mm, 1 Ib-in. = 113.0 N 
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FIG. Moment Variations with Load Levels in. = = 25. mm, 
bending at each section of the pile is shown for varying load levels. The graphs a 
x show that bending moments are greatest near the footing and that, at any section, e— 


the rate of increase of bending moment increases with applied load. we tao a. - 
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. -Akinmusuru, J. , “The Influence of a Pile Cap on the Bearing Capacity of Piles 1 
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by Eldon Burley,“ Roger Cc. 
 Bhas kar Nath,* and L Lawrence A. Wood” 


are to be congratulated on their well documented series of vets 

a _ The writers have been carrying out a series of tests (15, 17, 18) on uplift resisting a 


anchors at both model and field level, and a number of loading tests were 
conducted on model anchors driven into reconstituted clay. The samples were 
_ prepared in a large circular cell of 19.7-in. (500-mm) internal diam by 17. a 
in. (450 mm) high using air dried London clay mixed into a slurry at a moisture 
content of approx 100%; the liquid limit of the being Approx 65%. The 
pressurized by water by ‘means of an air /water cylinder in much 
_ the same way as the method described by the authors. During ee 
at a pressure of between 40-lb/in.’ (275-kPa) and 100-lb/in. ? (689- -kPa) drainage — 
- both the vertical and radial directions was encouraged by the positioning ‘- 
7 of a porous medium [0.08-in. (2-mm) thick porous plastic] at the top and bottom, - o 
7 and around the « outside of | the clay sample; a a number of drainage holes oo 
located in the sides and top and bottom of the consolidation cell. As consolidation > 
proceeded, more clay slurry was introduced into the cell in order to prepare — 
_a sample of the required height, i.e., 15.7 in. (400 mm), in approx 3 weeks. _ 
= In order to determine the strength characteristics of the sample, vane tests 
4 were conducted at various locations and, in addition, to confirm the accuracy 4 
of the vane results, specimens were cut from the clay sample and tested in 4 
‘unconfined and triaxial compression machines. Fig. 18 shows some typical 
‘Strength es = and indicates that a variation of strength occurred across the 
, ¥ The writers would be interested to know if the authors found similar strength © 
profile variations particularly bearing in mind ind the relatively fewer dit drainage holes i 
im their consolidation cell. If this is the c case, could these variations have 
- In order to Teduce the influence of the cell ‘boundaries on the model tests, vd 
P the maximum lateral | dimension of the model anchors used was restricted to 
se Oin. (75 ‘mm). It is is noted that the authors used models with a lateral dimension _ 


_ greater than twice this value. Were the authors satisfied that the influence of — 
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the boundaries on their tests was relatively 


2 Finally, the writers also considered other methods LJ sample formation. For — 


‘Te 


(16), in which powdered clay wa was placed in a container and water allowed 
to seep into the specimen, was tried, and even though fairly high water pressures 
Dsaer eventually used to speed up percolation, achieved little success in forming — 
a Suitable sample in a reasonable time. Success was only achieved when the 
“resulting 1 mixture was then compacted and excess water ‘drained (off. As fee 
> « 
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the equivalent of a cell, ‘on seemed little 

‘point in pursuing these trials further. Did the authors also consider other methods 

, if so, why were these rejected in favor of the method 


15. Andreadis, A., R. and E. ‘Embedded Sea Bed Anchors 


7 fi 

» 

— 
wer 
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to Repeated Loading,” of the Royal | Institutio Naval 
i = 16. Bemben, J. M., and Kupferman, M., ‘‘The Vertical Holding Capacity of Mee, 
_ Anchor Flukes Subjected to Static and Cyclic Loading,” presented at the May, 1975, ; 
i Offshore Technology Conference, held at Houston, Tex. (Paper No. OTC 2185). — —_ 
7. Burley, E., Harvey, R. C., Martin, R., and Nath, B., “Recent Developments in 


_ Embedded Anchors,” Symposium on the Anchoring of Offshore Structures, Sept., 
Harvey, Burley, E., and Nath, B., ‘The Development of an Embedded Anchor 
to Provide Multi- Directional Restraint, at the March, 1978, International 


es interest in the | paper per and the queries ‘they raised. The writers and pesca e> 
7 i 2 cells to contain the clay which were almost identical in size. Apart from : 
_ side friction, the stress and drainage conditions in the writers’ cell were uniform 
since several layers of filter paper were used at the top and bottom of the 
clay to allow drainage from the whole of the top and bottom clay surfaces. % 
_ The final increment of consolidation pressure was applied for 4 days and the 
coefficient of one-dimensional consolidation was approx 0.2 in.”/min., and the | 
writers onummeee that essentially all excess pore pressures | had dissipated by 


content 1 at a number of points throughout the sample, and by back- figuring 
_ the Young’s modulus of the soil from settlement measurements made on = aj 
ond raft foundations located at various distances from the center of the cell. Pe 


the basis of finite element Small and Bc (19) it si 
that undrained settlements would be Teduced by 10% due to the lateral boundaries — 
of the consolidation cell, but - drained se settlements would be reduced ty 
The writers are unaware of a method of sample p preparation tia: appears — 
likely to give as low an occurrence of air pockets as the method adopted. © 
Since that form of inhomogeneity appeared to be the most important source 
iz of error arising from sample preparation, the method described was used ‘in 


19. Small, J. C., and Booker, J. R., ‘ ‘Geotechnical Aasteti and Computer Applications,”’ 
Post Graduate Course notes of the School of Civil Engineering, Chapter 11, The 
University of Sydney, Sidney, Australia, May-June, 1977, 
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Closure by Terence J. Wiesner® and Peter T. Brown” 
7 qj. The writers would like to thank Akinmusuru for bringing to their attention — 
| 
| 
| 
Sys Ve on ¢ OIS € co OGUIUS ad 
L 


AUGUST 1981 


Errata.—The correction n should be to the original paper: 
Page 772, paragraph 2, line ‘Should read “with liquid limit 4 of 
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